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INTRODUCTION 
This book introduces the reader to the issues surrounding building failures. Damage to buildings can have 

both trivial and complex, non-obvious causes. They all share a common denominator – the costs of remediation 
are typically very high and often encompass not just financial aspects, but also social ones. The occurrence of a 
failure usually initiates a long journey for the investor to restore the building to its pre-failure state. Additionally, 
the investor must contend with numerous legal and formal difficulties, professional liability of the participants in 
the construction process, and often, insurance and financial responsibility. It is only when we pay for mistakes that 
we realize their true cost. 

The monograph presents over 40 examples discussing the latest cases of diagnostics and prevention of 
building failures. The book was published on the occasion of the 30th edition of the Building Failures Conference, 
which has been organized for almost 50 years by the Szczecin center, formerly the Szczecin University of 
Technology, and now ZUT in Szczecin, with the participation of the Polish scientific community. The co-organizer 
is the Polish Association of Civil Engineers and Technicians with the support of KILiW PAN and ITB. 

Building failures have various causes. They are most often the result of a combination of many adverse factors 
and neglect. While their effects are well visible, determining the causes is often very difficult in many situations. 
Due to the significant costs of construction, proper diagnosis of the causes can save future repair costs and provide 
the opportunity to properly direct claims for coverage. 

The book is divided into seven sections, depending on the dominant topic. These are: 

 Material aspects of failures, damage, and repairs, 
 Diagnostics, repairs, and reconstructions of building elements and structures, 
 Failures of general construction buildings, 
 Diagnostics in the assessment of structural safety, 
 Geotechnical causes of building failures, 
 Failures of metal structures, 
 Failures of reinforced concrete structures, 
 Failures of bridge and road structures. 

In the coming years, large infrastructure investments are planned. These projects will include road and bridge 
structures, as well as new power plants, airports, wind farms, and many others. Many engineers will likely find 
employment in the reconstruction of war damage in neighboring Ukraine. Therefore, up-to-date knowledge of 
diagnostics, repairs, and prevention of building failures will be very important. Books that comprehensively 
discuss the issues of repairs and strengthening of structures appear relatively rarely in the Polish publishing market. 
Notable examples include works by B. Bukowski, J. Thierry and S. Zalewski, and E. Masłowski and D. Spiżewska. 
Despite the passage of time and changing construction and design technology, these works remain canonical 
regarding post-failure repairs. Newer works often treat building failure issues more specifically, narrowing the 
application area to particular types of structures or repair methods. In the dynamically changing world of the latest 
technologies, it is worth and necessary to use the latest solutions. 

Over the past few decades, building failure problems have changed, as have technology, workmanship 
quality, the prevalence of materials, or the trend towards specific solutions. This monograph is a collection of 
problems submitted for discussion at the Building Failures Conference in 2022. Besides current problems and 
proposed solutions, the reader will find contact details of the best Polish engineers from across the country, who 
are currently dealing with the issues of building repairs and diagnostics. I hope that the mentioned names, 
combined with the interestingly presented failure cases, will allow for quicker and more accurate actions regarding 
the selection of experts and solutions in case of a problem. 

The current construction market in Poland is a global market. The reach of companies often extends beyond 
the country's borders and the European Union. The professional contacts of Polish engineers are increasingly 
international. We commonly use foreign technology and export our solutions to other countries. I hope that this 
monograph will contribute to the popularization of Polish engineering thought and will, in many cases, spark 
discussions about the need and method of conducting engineering work. 
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Presenting several dozen failure cases will allow the reader to begin searching for their own solutions to 
problems they encounter in their engineering career. Conference materials from previous years, available on the 
website www.awarie.zut.edu.pl, can be helpful in this regard. The materials collected in this work, in an extended 
Polish-language version, are also available on the conference website. 

The discussed issues have been reviewed by a group of professors, specialists, and construction experts, 
ensuring an appropriate level of substantive content. 

In my work as a construction expert, I often encounter situations where participants in the construction process 
expect a quick and unambiguous declaration from the appointed expert on who is to blame for the failure. It is 
rather the rule that a failure has many causes, and only their synergy causes the problem to manifest. "He who asks 
questions cannot be wrong." Let us ask questions, study the cases presented by other engineer colleagues, and 
draw conclusions and lessons for ourselves. I hope that this monograph will find a prominent place in your 
engineering library and help in avoiding many problems or allow to find effective resolution



 

SECTION I 

MATERIAL ASPECTS OF FAILURE, DAMAGE, AND 

REPAIRS
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CORROSION OF STEEL STRUCTURES LOCATED IN THE COASTAL BELT –
CONTRIBUTION TO THE DISCUSSION ON METHODS OF DETERMINING THE 

CORROSIVITY CATEGORY OF THE ATMOSPHERE 

JAROSŁAW BŁYSZKO1, blyszko@zut.edu.pl 
TOMASZ WRÓBLEWSKI1 

1Zachodniopomorski Uniwersytet Technologiczny w Szczecinie, Wydział Budownictwa i Inżynierii Środowiska, 
al. Piastów 50a, 70-311 Szczecin 

Abstract: Elements of small architecture placed in public areas, such as seaside promenades, are required to have an extraordinary 
and impeccable appearance. If an element is made of steel and located in the immediate vicinity of a saline water body, corrosion 
problems are only a matter of time. This time can be very short if the category of atmospheric corrosivity is incorrectly determined, 
resulting in a poorly chosen system for protecting the structure against corrosion. 

Keywords: metal corrosion, chloride deposition, atmospheric corrosivity category 

1. Introduction 

Steel structures constructed in seaside promenade areas are primarily intended to serve decorative and 
representational purposes. Examples of such structures include lighting masts, lamps, shade structures, light rings, 
and other small architectural objects - see Fig. 1. The aesthetic appearance of these structures is required throughout 
the entire period of their use. 

  

Fig. 1. Steel structures discussed in the article. [source: Internet] 

Improperly applied anti-corrosion protection for structures can lead to the first signs of corrosion appearing 
very shortly after the construction is completed. Such a situation occurred in Świnoujście, where the steel structural 
elements decorating the promenade showed signs of corrosion despite being recently constructed. The first reports 
of corrosion problems with these steel elements emerged just a few months after the construction was completed. 
This indicates both poor quality of the anti-corrosion protections and the high aggressiveness of the environment 
- see Fig. 2. 

The investment in question was carried out at a short distance from the shoreline, and correctly determining 
the category of atmospheric corrosivity was essential for adopting the appropriate method of protecting the steel 
structures against corrosion. 

The article presents an analysis of the current knowledge on the impact of the marine atmosphere on the 
corrosion of steel elements, an analysis of the environment at the investment site, and the final determination of 
the category of atmospheric corrosivity. Correctly determining the category of atmospheric corrosivity is crucial 
for adopting the appropriate protection methods and for potential warranty claims. 
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Fig. 2. Corrosion of steel elements at the investment site [Source: https://iswinoujscie.pl/artykuly/60923/] 

2. The impact of the marine atmosphere on metal corrosion in light of literature data 

Atmospheric corrosion causes the greatest economic losses among all known types of corrosion. It is 
estimated that the costs of protection against atmospheric corrosion account for about 70% of the expenditures 
incurred on all types of anti-corrosion measures [4]. Atmospheric corrosion is electrochemical in nature. It occurs 
with the involvement of water from sources such as precipitation or condensed water vapor and with unlimited 
access to oxygen. During atmospheric corrosion, two processes occur simultaneously on the metal surface: anodic 
and cathodic. 

In the anodic process, the metal undergoes oxidation, meaning it transitions from a metallic state to an ionic 
state. The cathodic process occurs in two forms, depending on the pH of the environment. In an acidic environment, 
cathodic reduction of hydrogen ions occurs, releasing hydrogen. In neutral and alkaline environments, cathodic 
reduction of oxygen in the aqueous solution takes place, forming hydroxide ions. Corrosion products on the metal 
surface are formed at the boundary of the anodic and cathodic areas as a result of subsequent chemical reactions. 

The basic environmental and atmospheric factors responsible for the occurrence of atmospheric corrosion 
include [5]: 

 the action of water in all its forms, 
 high relative humidity of the air, 
 presence of chlorides in the air, 
 the action of temperature and its changes, 
 the action of UV radiation, 
 the presence of gaseous substances in the air, mainly SO2, NOx, H2S, CO2, etc., 
 the presence of volatile aromatic and aliphatic hydrocarbons in the air, 
 the presence of dust in the air resulting from the combustion of coal fuels. 

Many studies worldwide have been conducted on the impact of the marine atmosphere on metal corrosion. 
Many of these studies highlight the fact that the concentration of chloride ions (Cl–), and consequently the 
corrosion loss of steel, largely depends on the distance of the structure from the shoreline. 

Alcantara and others [7] demonstrated through extensive experimental research conducted on the coast of 
Spain that the deposition of chloride ions (Cl–), measured in milligrams per square meter per day, strongly depends 
on the distance from the shoreline. This is due to the high concentration of chloride ions originating from marine 
aerosols, which consist of dispersed sea water droplets and particles formed from the evaporation of sea water 
under the influence of wind. Very high chloride deposition, and consequently a high degree of corrosion measured 
in micrometers per year, is maintained even at distances up to 1000 meters from the shoreline. 
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Fig. 3. Chloride deposition and thickness loss as a function of distance from the sea according to [7] 

Gustafsson reached similar conclusions in his studies conducted on the southwestern coast of Sweden [8]. He 
demonstrated that the dry deposition of sea salt strongly depends on the distance from the sea. A sharp increase in 
deposition can be observed for distances less than 400 meters from the shoreline. Haberecht also utilized the results 
of his work in his doctoral dissertation [9]. 

Similar research results, demonstrating that both the concentration of chloride ions in the air and, 
consequently, the extent of their dry deposition leading to corrosion loss, have been reached by other researchers 
from various countries. These include Hernández (Cuba) [10], Corvo (Cuba) [11], Somay (Turkey) [12], and Meira 
(Brazil) [13]. Therefore, it is evident that this relationship occurs regardless of the region or the salinity of the body 
of water. 

An example of domestic research also showing a clear relationship between the distance from the Baltic Sea 
shoreline and the amount of chloride ion (Cl–) deposition, as well as the resulting corrosion rate, are the studies 
conducted by Dr. Eng. Marian Głuszko presented in [4-6]. During these extensive studies, which included nine 
measurement sites across the country, research was conducted in various environments: coastal, industrial, urban-
industrial, urban, and rural (in conventionally clean air). These studies were carried out in 1997-1998 [6]. The 
research focused on the corrosion rates of four basic structural metals and the deposition levels of SO2 and 
chloride ions (Cl–). 

The analysis of the collected data identified two locations that stood out in terms of the amount of chloride 
ion (Cl–) deposition: 

 The village of Dunowo, in the Koszalin County, located approximately 17 km from the Baltic Sea coast, 
 The village of Żarnowiec, in the Puck County, located approximately 5 km from the Baltic Sea coast. 

In both of these locations, a significantly higher chloride deposition was observed compared to the other seven 
locations across the country. In the village of Żarnowiec, due to its closer proximity to the shoreline, the deposition 
is 17% higher than in Dunowo. The corrosion loss measurements recorded during the studies allowed both 
locations to be classified into the atmospheric corrosivity category C3 according to [14]. The atmosphere in these 
locations was described as coastal with low salinity. 

The studies presented in the works of Głuszko [4-6] clearly indicate the strong influence of the marine 
atmosphere and the marine aerosols it contains on the amount of chloride ion (Cl–) deposition, which is one of the 
main factors causing steel corrosion. It is important to note that even locations several (Żarnowiec) or several 
dozen (Dunowo) kilometers away from the shoreline remain under the strong influence of the marine atmosphere. 

As demonstrated in numerous studies mentioned above, the amount of chloride ion (Cl–) deposition 
significantly increases as one approaches the shoreline, where it can reach values of several hundred or even 
several thousand milligrams per square meter per day. This amount strongly depends on various factors, including 
wind direction and speed. Comparing the deposition rate a few hundred meters from the shore with the rate a few 
kilometers away, one can observe a several-fold or even a dozen-fold increase in deposition, which in turn 
translates to a multiple increase in corrosion loss caused by steel corrosion. 
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Table 1. Corrosivity of atmospheric environments in Poland according to [6] 

Lp. 
  

Miejsce 
badania 

  

Szybkość korozji Wielkość 
depozycji SO2 

Wielkość 
depozycji Cl- 

  g m-2 m-c-1 g m-2 rok-1μm rok-1 mg m-2 doba-1 mg m-2 doba-1 

1 ŁAGISZA 

M-1 1.61 18.12 2.03 

151.3 10.2 
A-1 0.44 5.09 1.88 

Zn 3.28 38.21 5.35 

St3S 54.06 633.8 80.64 

2 TARNÓW 

M-1 1.02 9.69 1.09 

44.6 6.2 
A-1 0.34 3.08 1.14 

Zn 1.98 18.03 2.52 

St3S 29.28 289.3 36.81 

3 SOLINA 

M-1 0.35 3.41 0.38 

12.3 0.13 
A-1 0.26 2.48 0.92 

Zn 0.81 7.51 1.05 

St3S 16.63 154 19.59 

4 PUŁAWY 

M-1 1.79 20.27 2.27 

160.5 11.2 
A-1 0.45 5.21 1.93 

Zn 3.39 39.92 5.59 

St3S 58.8 689.4 87.71 

5 DUNOWO 

M-1 0.42 3.84 0.43 

17.5 24.6 
A-1 0.27 2.51 0.93 

Zn 1.63 15.66 2.19 

St3S 28.73 264.5 33.65 

6 ŻARNOWIEC

M-1 0.48 4.72 0.53 

18.5 28.7 
A-1 0.29 2.89 1.07 

Zn 1.8 17.11 2.4 

St3S 27.77 267.8 34.07 

7 HUTA  
GŁOGÓW 

M-1 2.05 23.74 2.66 

176.8 15.9 
A-1 0.49 5.16 1.91 

Zn 3.87 45.21 6.55 

St3S 66.1 784.3 99.78 

8 TURÓW 

M-1 1.69 19.44 2.18 

162.1 11.4 
A-1 0.48 5.76 2.13 

Zn 3.41 38.83 5.44 

St3S 56.34 659.6 83.92 

9 WROCŁAW 

M-1 1.58 16.54 1.85 

86.3 4.7 
A-1 0.39 4.08 1.51 

Zn 2.16 20.11 2.83 

St3S 49.6 433.8 67.91 
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3. Atmospheric Corrosivity According to different Standards 

PN-EN ISO 12944-2 [14] 
According to the standard [14], atmospheric corrosion is a process that occurs in the moisture layer on the 

surface of the metal. This moisture layer can be so thin that it is invisible to the naked eye. The rate of corrosion 
is increased by the following factors: 

 Increase in relative humidity; 
 Occurrence of condensation (when the surface temperature equals or is lower than the dew point); 
 Increase in atmospheric pollutants (corrosive pollutants can react with steel and form deposits on the 

surface). 

Experience indicates that significant corrosion typically occurs when the relative humidity is above 80% and 
the temperature is above 0°C. However, if contaminants and/or hygroscopic salts are present, corrosion can occur 
at much lower humidity levels. 

According to section 5.1.1 of the standard [14], atmospheric environments are classified into six corrosivity 
categories, as presented in the ISO 9223 standard [15]. 

According to Section 5.1.2 of the standard [14], it is strongly recommended to expose standard samples to 
determine the corrosivity category. Table 1 of the standard [14] defines the corrosivity categories based on the 
mass loss or thickness loss of these standard samples made of low-carbon steel and/or zinc after the first year of 
exposure. Details regarding the standard samples, their treatment before and after exposure, are provided in 
ISO 9226. 

If it is not possible to expose standard samples in the actual environment of interest, the corrosivity categories 
can be estimated based on typical environment examples given in Table 1. However, special attention should be 
paid, as the specified examples and environment descriptions in the standard are solely for informational purposes 
and may occasionally be misleading. Only the actual measurement of mass loss or thickness loss provides accurate 
classification. In cases of doubt, such as when the mass losses of steel and zinc indicate different corrosivity 
categories, the higher category should be assumed. 

PN-EN ISO 9223 [15] 
According to ISO 9223, atmospheric corrosivity should be classified by determining the corrosivity based on 

the measurement of corrosion losses of standard metal samples as specified in ISO 9226, or if this is not possible, 
by assessing the corrosivity based on environmental information, that is, through the calculation of corrosion 
losses. Both methods of assessing corrosivity represent generalized approaches and are characterized by various 
uncertainties and limitations. 

The corrosivity category determined based on corrosion losses after the first year of exposure reflects the 
specific environmental conditions during the year of exposure. The corrosivity category assessed using the dose-
response equation reflects the statistical uncertainty of this function. The corrosivity category assessed using an 
informational description based on comparing local environmental conditions with the description of typical 
atmospheric conditions may lead to misinterpretation. This approach should be used only when experimental data 
is not available. 

The dose-response equations for carbon steel are provided in [15] as follows:𝑟 = 1,77 ∙ 𝑃ௗ
,ହଶ ∙

exp(0,020 ∙ RH + 𝑓ௌ௧) + 0,102 ∙ 𝑆ௗ
,ଶ ∙ exp(0,033 ∙ RH + 0,040 ∙ 𝑇) 

(1) 

𝑓ௌ௧ = 0,150(𝑇 − 10) 𝑔𝑑𝑦 𝑇 ≤ 10𝐶 (2) 

where: 

rୡ୭୰୰ – corrosion loss after the first year [mm/year] 
T  – average annual temperature [°C] 
RH  – average annual relative humidity [%] 
Pୢ  – average annual SO2 deposition, [mg/(m2·d)] 
Sୢ  – average annual Cl– deposition[mg/(m2·d)] 
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PN-EN 1993-1-4 [16, 17] 
The standard PN-EN 1993-1-4 [16] and its amendment introduced in 2015 [17] specify the principles for 

selecting the appropriate grade of stainless steel depending on the operating environment of structural elements. 
The selection of the steel grade is preceded by an environmental assessment performed using the Corrosion 
Resistance Factor (CRF), which is the sum of three components: 

𝐶𝑅𝐹 = 𝐹ଵ + 𝐹ଶ + 𝐹ଷ (3) 

𝐹1  – risk of exposure to chlorides from salty water or road salt [mm/year] 
𝐹2  – risk of exposure to sulfur dioxide [°C] 
𝐹3  – requirements for periodic cleaning or natural washing by rain [%] 

The most significant factor in determining the CRF value is the coefficient F1, which defines the risk of 
exposure to chlorides (Cl–) from salty water. For example, the value of this coefficient for all coastal areas of the 
Baltic Sea, assuming the distance from the shoreline is less than 250 meters, is F1 = -10, indicating a very high 
risk of chloride exposure to the structure. This means that even assuming no exposure to sulfur dioxide (F2 = 0) 
and assuming natural washing by rain (not containing chloride ions) (F3 = 0), the CRF would be -10. This 
necessitates the use of stainless steel with a corrosion resistance class of CRC = III on a five-point scale. 

4. Location and Climate – Basis for Assessing Atmospheric Corrosivity 

In engineering practice, the selection of an atmospheric corrosivity category is an arbitrary decision made by 
the designer and is often associated with the need to optimize the overall investment costs. Choosing a lower 
atmospheric corrosivity class clearly reduces the total costs of implementing protective coating systems. Therefore, 
contractors will aim to adopt the minimal corrosivity class. The problem lies in unequivocally determining the 
atmospheric corrosivity class in accordance with normative regulations, which would settle discussions between 
the Investor and the Contractor. The proximity to the seashore inherently implies high atmospheric corrosivity, 
which must be substantiated with appropriate normative references or experimental research results. 

As demonstrated, several standards [15-18] exist, presenting challenges for an average designer in precisely 
determining the atmospheric corrosivity category, particularly in the absence of relevant climatic data for the 
investment site. 

Location 
The Promenada Zdrowia, where most of the corroding steel structures are located, is situated in Świnoujście 

approximately 200 meters from the shoreline. 

 

Fig. 4. Location of the investment 
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Climate and atmospheric conditions 
In the city of Świnoujście, a maritime climate [1] prevails. It is characterized by a lower annual temperature 

amplitude compared to other parts of the country. Winters are milder and less frosty. The average annual air 
temperature is around 9°C. Variations in wind strength and direction are quite significant. The average annual 
wind speed is about 4 m/s. Strong westerly and southwesterly winds predominate. The climate is characterized by 
high air humidity due to the presence of sea water particles in the air [1]. The average annual air humidity is close 
to 80%. The total number of rainy days in a year is about 170. The total annual precipitation amount is close to 
600 mm. It is worth noting that the precipitation entering the area of Świnoujście records the highest concentration 
of chlorides in the country – see Fig. 5. 

Data concerning high concentrations of chloride anions Cl– in atmospheric precipitation can also be found in 
the report on the state of geoecosystems in Poland [2], prepared annually by the Chief Inspectorate of 
Environmental Protection as part of the Integrated Programme for Monitoring the Natural Environment. Research 
within this programme is conducted, among others, at the Environmental Monitoring Station of the Adam 
Mickiewicz University in Biała Góra, located on the island of Wolin, in the commune of Międzyzdroje, within the 
area of the Wolin National Park, designated by the symbol 11ZM. 

 

Fig. 5. Average annual concentration of chlorides in atmospheric precipitation [mg/dm3] 
[Source: air.gios.gov.pl, 2016] 

It is worth noting that station 11ZM in Biała Góra is located at a short distance from Świnoujście, 
approximately 14 km away. The distance from the monitoring station to the coastline is slightly above 300 meters, 
which is very close to the distance between the coastline and the Promenade Zdrowia in Świnoujście. Therefore, 
the measurement results at the station practically correspond to the conditions present at the investment site 
discussed in this paper. In the section regarding atmospheric deposition in the [2] report, it can be read that the 
average annual concentration of chlorides in atmospheric precipitation at the Biała Góra station (Wolin Island) is 
3.12 mg/dm3. This value has been classified as elevated. The significant level of chloride ion concentration in 
atmospheric precipitation is a consequence of the station's location in the direct vicinity of the Baltic Sea. The high 
concentration of chloride and sodium ions in atmospheric precipitation is associated with marine-origin aerosols. 

Air pollution from sulfur dioxide (SO2) in the city of Świnoujście is not high. According to the [3] report, the 
daily concentration of sulfur dioxide, and consequently, the average annual concentration in the northern regions 
of the West Pomeranian Voivodeship, does not exceed 5 µg/m3. 
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5. Determination of the forecasted corrosion loss 

In earlier chapters of the paper, the problem of atmospheric corrosion of steel was generally characterized, 
normative guidelines were presented, and literature data regarding the assessment of atmospheric corrosion 
were analyzed. 

According to norm [15], the magnitude of forecasted corrosion losses can be determined using the dose-
response equation. It was decided to estimate the forecasted corrosion losses using the data established during the 
assessment of climatic conditions on the investment site and literature data, especially national research results 
presented in [5]. The following assumptions were adopted during the calculations: 

𝑇 =  9𝐶  – average annual temperature [°C] 
RH = 80% – average annual relative humidity [%] 
𝑃ௗ = 4 



మௗ
 – average annual SO2 deposition, [mg/(m2·d)] 

𝑆ௗ = 144 


మௗ
 – average annual Cl– deposition[mg/(m2·d)] 

 Values for sulfur dioxide (SO2) determined by the deposition method 𝑃ௗ and the volumetric method 𝑃 
are equivalent in the case of norm [15]. Relationships between measurements made using both methods 
can be approximately expressed as 𝑃ௗ = 0,8 · 𝑃, where 𝑃ௗ is expressed in [mg/(m2·d)] and 𝑃 in [µg/m3]. 

 • Values for chloride ion deposition strongly depend on the distance from the seashore, as demonstrated 
in many previously mentioned studies. Values within a few hundred meters from the shore may be several 
times greater than those determined at distances of a few kilometers. The Promenada Zdrowia is located 
just 200 meters from the seashore. For calculations, a fivefold increase in chloride (Cl–) deposition was 
adopted, determined for the town of Żarnowiec located approximately 5 km from the seashore, i.e., 
5 x 28.7 = 144 mg/(m2·d). 

The dose-response equations for carbon steel: 

𝑓ௌ௧ = 0,150(𝑇 − 10) = 0,150(9 − 10) = −0,15 (4) 

𝑟 = 1,77 ∙ 𝑃ௗ
,ହଶ ∙ exp(0,020 ∙ RH + 𝑓ௌ௧) + 0,102 ∙ 𝑆ௗ

,ଶ ∙ exp(0,033 ∙ RH + 0,040 ∙ 𝑇) (5) 

𝑟 = 1,77 ∙ 4,ହଶ ∙ exp(0,020 ∙ 80 − 0,15) + 0,102 ∙ 144,ଶ ∙ exp(0,033 ∙ 80 + 0,040 ∙ 9) (6) 

𝒓𝒄𝒐𝒓𝒓 = 𝟔𝟎, 𝟏
𝝁𝒎

𝒂
= 𝟒𝟖𝟎

𝒈

𝒎𝟐𝒂
 (7) 

It should be noted that the magnitude of the corrosion loss strongly depends on the amount of chloride ion 
deposition. Assuming 𝑆ௗg  as ten times the deposition in Żarnowiec, which is approximately 287 mg/(m2·d), results 
in an increase in the predicted loss to the level of: 

𝒓𝒄𝒐𝒓𝒓 = 𝟖𝟒
𝝁𝒎

𝒂
= 𝟔𝟕𝟐

𝒈

𝒎𝟐𝒂
 (7) 

6. Determining the atmospheric corrosivity category  

The predicted corrosion loss 𝑟  values determined in the previous section should be compared with the 
threshold values specified in standards [14] and [15]. 
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Table 2. Determining the atmospheric corrosivity category based on rcorr 

Corrosivity 
Categories  

Mass loss per unit area/thickness loss 
(after the first year of exposure)  Examples of typical environments (for information) 

Low-carbon steel Zinc outsiede 
   

inside 
   g/m2  µm  g/m2 µm  

C4 High  400 – 650  50 – 80  15 – 30  2,1 - 4,2  Industrial and coastal areas with 
moderately salty atmosphere 

Zakłady chemiczne, baseny 
kąpielowe, statki żeglugi 

przybrzeżnej itp.  

C5 Very high  650-1500  80 – 200  30 – 60  4,2 - 8,4  

Industrial areas with high air 
humidity and highly aggressive 

corrosive pollutants Coastal areas 
with a highly salty atmosphere 

Buildings and areas with 
condensation and high 

atmospheric contamination 

Assuming the chloride deposition level as five times the measured value in Żarnowiec, the annual corrosion 
loss is 𝑟   = 480 g/m2, which falls within the range of 400 to 650 g/m2. This means that the atmospheric 
corrosivity category for the investment site located approximately 200 meters from the shore is: 

C4 – High corrosivity 

However, it should be noted that the chloride deposition level determined in this way may be significantly 
underestimated considering the proximity to the shoreline. Assuming ten times the deposition measured in 
Żarnowiec, resulting in 𝑟   with a value of 672 g/m² per year, the atmospheric corrosivity category is: 

C5 – Very high corrosivity 

Precise determination of the corrosion loss values 𝑟   would be possible after conducting tests on 
standard metal samples (carbon steel, zinc, copper, aluminum) according to the provisions of Chapter Seven 
of the standard [15]. 

Precise determination of the 𝑆ௗ value, i.e., chloride ion deposition, would be possible experimentally using 
the wet candle method described in ISO 9225 standard. Clarifying this value would allow for a more accurate 
determination of the predicted corrosion losses 𝑟 . 

7. Summary 

The analysis presented in the paper allows us to draw the following conclusions: 

 The atmosphere at the investment site should be classified as a typical marine atmosphere, characterized 
by high humidity as well as a high concentration of chloride ions (Cl⁻) originating from marine aerosol. 

 The atmosphere at the investment site is highly aggressive, as evidenced by the fact that the first signs of 
corrosion appeared on the structure just a few months (possibly a few weeks) after its construction. 

 The designed structure primarily serves aesthetic and representational functions. In addition to safety, it 
is required to maintain an impeccable appearance to meet the provisions of the ultimate limit state 
specified in PN-EN 1990. 

 Literature studies, environmental data analysis, and calculations unequivocally indicate that a corrosion 
resistance category of C4 or C5, i.e., high or very high corrosivity, should have been adopted for the anti-
corrosion protection of the structure. Precise determination of the corrosion resistance category would be 
possible after conducting additional studies to determine the chloride ion deposition on the investment 
site (see ISO 9225) or based on the measurement of corrosion losses on standard metal samples 
(see ISO 9226). 
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 Similar conclusions regarding the assessment of atmospheric corrosivity can be drawn based on the 
provisions of the standard for designing structures with stainless steel [16, 17], according to which 
structures located within 250 meters from the Baltic Sea shoreline are exposed to very high risks of 
chloride exposure from seawater, therefore they should be designed with stainless steel of at least 
corrosion resistance class CRC III. 

 Adopting a too low corrosion resistance class may lead to accelerated corrosion and consequently shorten 
the intended service life of the structure. As a result, financial costs for maintaining the proper technical 
condition, especially the appearance of the structure, will increase. 
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Abstract: The phenomenon of concrete carbonation is related to the physical and chemical processes occurring in concrete 
under the influence of carbon dioxide. Carbonation of concrete of reinforcement cover is one of the main causes of reduction 
of durability of reinforced concrete structures. The article discusses the physical and chemical mechanisms of the carbonation 
phenomenon itself as well as points out the synergistic effect of frost destruction and concrete carbonation on reinforced 
concrete elements. The examples of structural damage from engineering practice in the field of diagnosis of reinforced concrete 
structures are presented. 

Keywords: Carbonation of concrete, frost resistance of concrete, corrosion of concrete, durability of concrete, cover of reinforcement, 
synergistic effect of frost destruction and carbonation of concrete. 

1. Durability of concrete 

According to EN 1990: “structures shall be so designed that changes occurring during their design life, taking 
into account environmental effects and the anticipated level of maintenance, do not reduce the performance of the 
structure below the intended level” [1]. Durability should therefore be understood as the period during which the 
level of performance of a structure is maintained above a critical value for a given period of its use. 

According to EN 1990:2004, "a structure shall be designed and constructed in such a way that during its 
intended life, with adequate reliability and without excessive costs: it shall take up all influences and impacts 
which may be expected to arise during its construction and use; it shall remain fit for its intended use; the structure 
shall be designed so that its load-bearing capacity, serviceability, and durability are adequate" [1]. 

Eurocode [1] therefore requires structures to satisfy three fundamental requirements over their intended 
lifetime: absorption of influences and actions, fitness for use, and adequate durability. 

The corrosion process is a phenomenon that progresses over time and is not linear. During the initiation 
period, symptoms are usually hardly noticeable because they develop locally in the microstructure. During 
laboratory tests, an initial strengthening of the concrete can often be seen due to the filling of the pores with 
corrosion products. It is only at a later stage, when the limit stresses resulting from further growth of corrosion 
products in the pores are exceeded, that cracks, fractures, and localized detachments develop. The further corrosion 
process is usually faster. In view of these conditions, the earlier the repair is started, the smaller the scope of repair 
and the higher its efficiency. Moreover, the basis of effective repair is the correct identification of the cause and 
selection of remedial measures adequate to the identified corrosion mechanism. Conducting the repair "blindly," 
based on identifying only the symptoms and not the causes, significantly limits the effectiveness of the repair. In 
extreme cases, neglect at the diagnostic stage may cause rapid deterioration of the structure, e.g., due to the closure 
of the corrosive environment under the repair layer. In the repair of concrete structures, the same principle applies 
as in medicine: treat the causes and not the symptoms. The tools for proper handling of concrete protection are 
contained in the PN-EN 1504 family of standards [2]. A necessary step is to conduct a comprehensive 
diagnostic study. 

The design stage is always key in shaping the durability of concrete. It determines the choice of materials, the 
geometry of elements, and surface protection methods. Determination of the construction class according to EC0, 
EC1, and EC2, taking into account the specific requirements for concrete exposure classes related to carbonation 
(XC), allows the selection of the minimum concrete cover of a specific strength class ensuring the required 
durability of the element [1,3,9]. The aim of this paper is to highlight the risks associated with synergistic effects 
of the environment despite the adoption of correct solutions in light of current technical knowledge. 
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2. Carbonation phenomenon 

Carbonation is a set of physicochemical transformations of concrete under the influence of long-term 
exposure to carbon dioxide on the concrete surface, which is constantly present in the surrounding atmospheric air 
and in the atmosphere inside building structures. The concentration of CO2 varies between 0.03% and 0.3%, 
depending on the location of the concrete structure [5]. 

Steel reinforcement placed in concrete is protected against corrosion if the concrete is not contaminated with 
aggressive substances and its pH is high enough to ensure the durability of the passive layer on the surface of the 
reinforcement. The corrosion of the reinforcement, initiated by the process of cover carbonation, gradually leads 
to its destruction. The first stage of carbonation has no significant negative effects on the structure. When the pH 
in the reinforcement environment decreases to approximately 11, the passivation state is lost, and electrochemical 
corrosion of the reinforcement starts. The appearance of cracks in the cover, through which aggressive substances 
can easily penetrate, intensifies carbonation. In the third stage, gradual chipping and spalling of the cover occur, 
so that the reinforcement is exposed, leading to a significant reduction in the durability of the concrete structure [5]. 

Carbonation significantly decreases the durability of reinforcement in reinforced concrete structures, mainly 
due to a decrease in the pH of the concrete. However, positive effects are observed with respect to concrete. The 
number and size of pores in the carbonated zone are reduced, resulting in a tightening of the concrete 
microstructure. Additionally, increased surface hardness and strength of the near-surface layer of carbonated 
concrete is observed [5,6,7]. 

Many external and internal factors influence the intensity and rate of carbonation. Decisive factors include 
the type of concrete, the amount of cement, the w/c ratio, the method of concrete compaction, and the care of the 
concrete. The climatic and environmental conditions under which the concrete structure is subsequently placed are 
also crucial. Regarding external factors, the most important are CO2 concentration, humidity, and air temperature. 
Among the most important internal factors, the tightness of the concrete, indirectly dependent on the w/c ratio, as 
well as the type and quantity of the bond, are the main determinants [8]. 

Concrete cover protects steel reinforcement against corrosion, provides fire resistance, and ensures 
cooperation of reinforcement with concrete, provided that the structure is properly designed and constructed. 

3. Synergistic effect of corrosion interactions 

Environmental and climatic conditions have a significant impact on the condition and durability of 
unprotected reinforced concrete elements. The most common cause of damage to concrete structures is the lack of 
frost resistance. Carbonation of concrete leads to the loss of protective properties of the concrete cover concerning 
reinforcing steel (CO2 penetrates the concrete and reacts with water-soluble components of the hardened cement 
grout). The combination of these two phenomena (a synergistic effect that is not considered in traditional design 
methods) can lead to a significant reduction in the durability of concrete structures. 

Frost corrosion in temperate climates, where concrete is subjected to cyclic freezing and thawing, often in the 
presence of de-icing salts, is a very common phenomenon. Frost corrosion occurs by increasing the volume of 
water as it freezes, and with interacting high stresses, cracks and fissures are noticed in the concrete. As the outside 
temperature decreases, the remaining water will freeze, resulting in damage (bursting) to the top surface 
of the concrete [4]. 

It is worth mentioning the synergy of influences that contribute to the deterioration of the durability of the 
structure. The environment in which concrete "lives" includes the atmosphere, water, and soil. The prevailing 
climate in Poland is characterized by a large variability of weather. Winters can be cold or mild, and summers can 
be hot or rainy. In Poland, for more than 9 months of the year, the relative air humidity is higher than 75%, and 
quite high but constant pollution in the form of CO2 emissions is observed. 
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4. Summary 

The issue of the durability of reinforced concrete structures and the simultaneous maintenance of safety during 
the service life of a given object requires appropriate consideration and analysis of the combination of physical, 
physicochemical, chemical, and electrochemical phenomena in the expected operating conditions of concrete. The 
examples of corrosion of concrete and reinforcement elements indicate that synergistic environmental interactions 
can intensify the destruction of elements. The presented considerations prove that the method of selecting the 
reinforcement cover due to the threat of carbonation, as imposed by EC2 [3], does not take into account the 
synergistic effect, which may determine the real resistance of the system to environmental interactions. Durability 
design based on the concepts of carbonation resistance, frost resistance, and mutual synergy [10] are the basis of 
the projected new edition of the Eurocodes, in which not only exposure classes but also classes of resistance of 
structures to these risks will appear. 
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1. Intoduction  

Every building and construction object is subject to degradation as a result of the environment in which it is 
used. Damage to reinforced concrete structures resulting from operating conditions is caused by physical and 
chemical factors acting separately or simultaneously. The result is damage to the surface of the concrete and the 
concrete cover of the reinforcement, followed by corrosion of the reinforcement. These deterioration processes 
may reduce the serviceability of components and materials to such an extent that the structure of the building will 
no longer be able to meet the basic requirements regarding its load-bearing capacity and serviceability by the end 
of its design lifetime. For these reasons, in some cases, reinforced concrete structures require frequent maintenance 
and costly repairs. 

The paper presents the causes and consequences of corrosion in reinforced concrete structures and the results 
of an analysis of the load-bearing capacity of eccentrically compressed reinforced concrete columns, in which 
corrosion damage of varying intensity to the concrete and reinforcement bars has occurred. The aim of the analyses 
is to assess the consequences of damage to reinforced concrete. 

2. Causes and effects of corrosion of concrete and rebar 

The classification and subdivision of the most common causes of damage to the surface of concrete and the 
concrete cover of reinforcement caused by service conditions, as well as corrosion of reinforcement, are given in 
the standard [1]. They are in accordance with the exposure classes of concrete related to environmental impacts 
according to [2]. However, corrosive actions affecting the characteristics of concrete and reinforcement are not 
considered as loads. According to [3,4], it is necessary to design structures considering their durability. This means 
that the durability of structures is considered one of the three equal elements of structural reliability, alongside 
safety and serviceability. Adequate durability of reinforced concrete structures can be guaranteed by, among other 
things, appropriate thickness of the cover and strength class of concrete [5]. 

 
a) 

 
b) 

 
c) 

 
d) 

Fig. 1. Corrosion damage to reinforced concrete columns 

Source: a) https://www.wesavestructures.info/corrosion-evaluation (31.01.2022r), b) https://www.fprimec.com/structural-
effects-corrosion/ (31.01.2022r.), c) https://www.theengineeringcommunity.org/types-and-causes-of-concrete-deterioration/ 

(31.01.2022r.), d) https://www.techdry.com.au/how-to-avoid-salt-water-corrosion-within-reinforced-concrete/ (31.01.2022r.) 

Figure 1 shows examples of observed corrosion damage in reinforced concrete columns. The photographs in 
this figure illustrate the already advanced state of degradation of reinforced concrete columns. In these images, 
one can distinguish: (a) local cover detachment and reinforcement corrosion, (b) cover detachment and 
reinforcement corrosion on one of the column's lateral surfaces, (c) cover detachment and reinforcement corrosion 
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along the entire column perimeter, and (d) concrete loss inside the section core and reinforcement corrosion. In all 
cases presented, the columns did not collapse. 

A measure of corrosion damage in concrete is the reduction in cross-sectional dimensions resulting from 
crushing and spalling of the cover and sometimes the core of the section. The measure of corrosion damage in 
reinforcement bars is their weight loss, expressed by the weight loss coefficient γ or the reduced diameter do. 

3. Load capacity analysis of eccentrically compressed columns 

We consider columns with a square cross-section in which longitudinal reinforcement of steel bars with a 
yield strength of fyd = 400MPa is used (Fig. 2). The location of the reinforcement in the section is determined by 
the parameter a1/d = 0,10. The total degree of longitudinal tension and compression reinforcement is ρ = 1,50%.. 
For concrete with a design compressive strength fcd=30 MPa, a parabolic-rectangular stress-strain diagram is 
adopted. For steel members, an elastic-plastic model without reinforcement was adopted. 

 

Fig. 2. Strain and sectional forces at ultimate limit state.  

Figure 2 shows the distribution of limit deformations in the analyzed eccentrically compressed reinforced 
section, illustrating the section strains from axial tension to axial compression. The strains in the tensile bars are 
limited to εs1 = 0,01. The limit strains of the concrete in extreme compression are limited to εcu = 0,0035, while 
they cannot be greater than 0.002 for axial compression [5]. In the same range, the deformations in the compression 
bars change. 

Five sections with the same dimensions and the same degree of reinforcement are subjected to analysis 
(Fig. 3): cross-section RC-0 without corrosion damage, cross-section C4 with the cover separated along the whole 
perimeter, cross-section C1-S19 with the cover separated on one edge and mass reinforcement corrosion ratio 
γ=0,19 cross-section C2-S19 with the cover separated on two edges and mass reinforcement corrosion 
degree γ=0,19; and cross-section C4-S/36 with the cover separated on four edges and mass reinforcement 
corrosion ratio γ=0,36. 

 

Fig. 3. Analysed column cross-section. 

The bending moment - axial force interaction curves for the sections under consideration were obtained on 
the basis of FEM analyses performed with the XTRACT application from Imbsen Software Systems. Fig. 4 shows 
the interaction curves between the dimensionless bending moment m and the dimensionless longitudinal force n 
for sections without damage and sections with different extent of corrosion damage. The lines of the three 
eccentricities of the longitudinal force e normalised with respect to the useful section height d are also plotted in 
this figure. The line of the relative eccentricity e/d = 0,6 passes through the so called "balance" point lying on the 
interaction curve for the section without damage RC-0. 

The bending moment-axial force interaction curves for the sections under consideration were obtained based 
on FEM analyses performed with the XTRACT application from Imbsen Software Systems. Figure 4 shows the 
interaction curves between the dimensionless bending moment m and the dimensionless longitudinal force n for 
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sections without damage and sections with different extents of corrosion damage. The lines of the three 
eccentricities of the longitudinal force e normalized with respect to the useful section height d are also plotted in 
this figure. The line of the relative eccentricity e/d = 0.6 passes through the so-called "balance" point lying on the 
interaction curve for the section without damage (RC-0). 

 

Fig. 4. Interaction curves non-dimensional bending moment m - non-dimensional axial force n. 

For the longitudinal force eccentricity e/d < 0.6, the concrete in the compression zone determines the section 
capacity, whereas for the longitudinal force eccentricity e/d > 0.6, the tension reinforcement determines the section 
capacity. Additionally, the eccentricity lines e/d = 0.1, corresponding to the case of small eccentricity, and 
e/d = 3.0, corresponding to the case of large eccentricity, are shown. 

Figure 5 shows bar diagrams of the non-dimensional longitudinal forces n acting on the three eccentricities 
e/d = 0.1, 0.6, and 3.0. These forces have been normalized with respect to the longitudinal force nCR-0 transmitted 
through the section without damage (RC-0). The greatest loss of load capacity is seen in cross-section C4-S38, 
i.e., the cross-section without the cover around the whole perimeter and with a 38% loss of reinforcement mass; 
depending on the longitudinal force eccentricity e/d, the loss of load capacity varies from 29% to 36%. 

 

Fig.5. Effect of the longitudinal force eccentricity and corrosion damage on the load carrying capacity of the sections 

The smallest reduction in load-bearing capacity is shown in section C4, without cover around the whole 
perimeter but without corrosion of the longitudinal reinforcement, for the eccentricity of the longitudinal force 
e/d = 3.0; it is only 3%. In the other cases of corrosion damage, the load capacity decreases vary from 10% to 22%. 

4. Summary 

When corrosion damage occurs to reinforced concrete structures, it is necessary to use appropriate methods 
to assess their current load-bearing capacity. For reinforced concrete columns, this involves using interaction 
curves between bending moment and axial force. This method makes it possible to assess the behavior of 
reinforced concrete columns over the entire load range. 



20 

Analyses of the load capacity of eccentrically compressed sections of reinforced concrete columns with 
corrosion damage to the concrete and reinforcing bars, which are most frequently encountered in practice, have 
shown that the decreases in load capacity are not so great. The residual bearing capacity is not less than 2/3 of the 
original load capacity. 
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Abstract: In Poland, the period of lower temperatures occurs on average from November 15 to March 15, which accounts for an entire 
quarter of the year. To continuously carry out construction activities during this time, it is required and necessary to apply measures 
aimed at protecting concrete against the adverse effects of frost. Many methods are known, but their combinations are the most 
common. One such method is the use of electrofusion heating of concrete, also known as electroheating. However, it should be 
remembered that curing concrete using the electroheating method is a complex issue and depends on many parameters that may change 
over time. Therefore, the entire heat treatment process should be properly designed and carried out under the control of competent 
persons. Practice shows, however, that in many cases there are no procedures setting standards for the design of the electroheating 
installation and the conduct and control of the process itself. The importance of implementing an appropriate control system is 
demonstrated in this paper through the example of a floor slab of a residential building structure that has been frozen. 
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1. Introduction 

The ambient temperature that ensures the best development of the compressive strength of concrete ranges 
from +15 °C to +20 °C. At lower temperatures, the setting of the cement slows down, which is especially noticeable 
below 10 °C. However, when the temperature drops below 0 °C, the hydration process is practically stopped. 
Therefore, in accordance with [1], the period in which the average daily ambient temperature is lower than 10 °C 
is considered the period of lowered temperatures. 

When analyzing the meteorological yearbooks, it is assumed that this period in Poland falls from 
November 15 to March 15. To continuously carry out construction activities without skipping an entire quarter of 
the year, it is required and necessary to apply measures aimed at protecting concrete against the adverse effects of 
low temperatures. One such measure may be the use of the electrofusion method of heating concrete, also known 
as electroheating. However, it should be remembered that curing concrete using the electroheating method is a 
complex issue, and its effectiveness depends on many parameters that may change over time. Therefore, the entire 
heat treatment process should be properly designed and carried out under the control of competent personnel. 

Practice shows, however, that in many cases there are no procedures setting standards for the design of the 
electroheating installation and the conduct and control of the process itself. The importance of implementing an 
appropriate control system is demonstrated in this paper through the example of a floor slab of a residential 
building structure that has been frozen due to errors in the care process using electroheat. 

2. Classification and characteristics of methods enabling concrete maturation in conditions 
of low temperature 

To precisely define the type of changes occurring in concrete during exposure to lowered temperatures, three 
critical periods of early concrete maturation were distinguished (according to B. Bukowski [2], [3]). This is because 
the most dangerous time for a reinforced concrete element is freezing after the commencement of bonding but 
before achieving a strength value defined in the literature as safe strength. The manual [1] states that the safe 
strength (referred to as the critical strength in the latest version of the manual) ranges from 3.5 MPa to 8 MPa, and 
that the concrete should achieve at least 20% of its design 28-day compressive strength before the first freezing. 

The following activities allow for the performance of reinforced concrete works in low-temperature 
conditions [10]: 

 Enabling the maturation of concrete without supplying heat from the outside, 
 Supplying heat from the outside, 
 A combination of the above variants. 
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The issue of the influence of electroheating treatment on the properties of concrete in the structure was 
presented by the authors in [7]. 

To determine the effectiveness of the applied method of concrete protection against the influence of low 
temperature, it is necessary to monitor changes over time in two factors influencing its effectiveness: concrete 
surface temperature and concrete compressive strength [8], [11]. According to the Polish standard [6], "the 
temperature of the concrete surface may not drop below 0 °C until the safe strength is achieved." The guidelines 
[4] define exactly which measurements should be taken. 

3. Assessment of the effects of freezing the ceiling on the example of the completed structure of a 
residential building 

Construction works during the implementation of the investment in a multi-family residential building were 
carried out in low-temperature conditions. The concrete mix used was C30/37 S3, made with the so-called "winter 
recipe," compliant with the standard [19]. Due to technology and cost considerations, the optimal procedure was 
to use the method of electrofusion heating of concrete (electroheating) in combination with covering the concrete 
surface with materials such as bubble foil. Electroheating, although difficult to implement due to the multitude of 
factors that must be taken into account when designing and implementing this process, is the most commonly used 
method of thermal concrete curing under winter work conditions at construction sites. The structural element 
described in this paper is the working section of the floor slab of a repeating storey with beams and balcony slabs. 

 

Fig. 1. Test plan of the frozen floor element of the structure 

Concreting of the element started around 10:00, and the air temperature was -9 °C. The temperature of the 
delivered mixture ranged from 9 °C to 12 °C. The weather conditions were very difficult during concreting due to 
heavy and intense snowfall. Additionally, there was a lack of continuity in concrete supplies. Due to these 
difficulties, concreting lasted until late at night and was completed around midnight, at an air temperature of -
12.9 °C. The effect of the frost was intensified by the wind in the exposed, elevated space and snowfall. After 
concreting was completed, the electroheating process was started. It should be emphasized that concreting lasted 
about 14 hours, and during this entire time, the freshly laid concrete was not protected against the effects of low 
temperatures. According to the authors, this is one of the most unfavorable aspects of using the 
electroheating system. 

When trying to start the system, it was discovered that many heaters had burned out, resulting in the system 
not working at all. This meant that the freshly laid concrete was left exposed to low temperature conditions without 
any additional protection measures. The outside temperature continued to drop over the following days, reaching 
an extreme value of -18.7 °C on the seventh day. Due to these problems, the construction management decided to 
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discontinue any further construction activities. The break lasted about two weeks. During this time, an analysis of 
the quality of the concrete in the concreted floor slab was commissioned. The test plan is presented in Figure 1. 

After inspecting the boreholes (Fig. 2), the presence of a frozen upper layer of concrete, 1.5 to 2 cm thick, 
was found. Importantly, the top reinforcement bars were below the frozen zone. Visual inspection of the boreholes 
revealed that the upper zone contained microdefects (microcracks, surface roughness) due to frost damage. Such 
defects were not found in the lower part of the cores, confirming that the concrete did not freeze from the lower 
surface of the ceiling. Before laying the mix in the formwork, it was additionally heated from the bottom for about 
4 hours to remove the residual snow and maintain the formwork temperature above 0°C. This limited the 
temperature gradient effect at the interface between the concrete mix and the formwork, contributing to the 
prevention of freezing of the lower, tensioned surface of the ceiling and reduction of unfavorable thermal stresses. 
After stripping the ceiling and visually inspecting it, no signs of freezing of the lower surface of the concrete, 
usually identifiable by the naked eye, were found. 

The samples from the wells marked 1, 2, and 3 were taken from the upper part of the cores, while the samples 
1', 2', and 3' (Table 1) were taken from the lower part. The tests were carried out in accordance with the standards 
[13] and [15], and the test results are presented in Table 1. The standards referred to in the paper were valid at the 
time of construction, tests, and analyses. These standards have since been replaced by others, but as a rule, the 
basic assumptions and requirements have not changed significantly, which would necessitate a correction of the 
obtained test results. 

 
a) 

 
b) 

 
c) 

Fig. 2. Core boreholes taken from the structure 

Table 1. Results of destructive testing of cores taken from the structure 

No. 
Sample 

determination 

Maximum load in the 
event of destruction 

[kN] 

height of the 
samples 
[mm] 

fc 

[MPa] 
fcSR 

[MPa] 

1 1 193 92 28,4 

28,5 

2 2 197 92 29,0 
3 3 218 92 32,1 
4 1’ 184 88 27,1 
5 2’ 189 89 27,8 
6 3’ 180 93 26,5 

Following the standard procedure of concrete quality control during the execution of reinforced concrete 
works, samples for destructive tests were also taken ([16], [17]). Based on these tests, it can be concluded that the 
mixture used meets the requirement for the design class C30/37. The study of wells in the structure shows that the 
concrete, at the age of 16 days, achieved the strength corresponding to the C20/25 class. This value is for concrete 
without the frozen layer, which has been removed. To supplement the above results, the construction site was 
tested using the non-destructive sclerometric method ([14], [18]). 
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Table 2. Results of non-destructive tests using the sclerometric method of the frozen floor slab 

Lp 
Li Li ±∆L Li (Li -L’) (Li -L’)2 

1 2 3 4 5 6 7 8 9 
1 26 22 25 24 27 26 25 25 25 25,0 3,1 28,1 -0,2 0,0400 
2 23 26 27 26 25 27 27 28 25 26,0 3,0 29,0 0,7 0,4900 
3 23 25 25 24 27 25 25 25 25 24,9 3,1 28,0 -0,3 0,0900 
4 23 25 25 24 24 26 25 25 27 24,9 3,1 28,0 -0,3 0,0900 
5 25 25 27 27 25 26 26 25 25 25,7 3,0 28,7 0,4 0,1600 
6 25 24 25 25 25 26 26 26 24 25,1 3,0 28,1 -0,2 0,0400 

Concrete age = 88 days ∑=  169,9 0,1 0,9100 

Summarizing the sclerometric analysis, the results indicated a concrete strength class of C20/25. Based on 
the analysis carried out by the constructor of the object (from design calculations and low component strain 
indices), it was determined that the actual class C20/25 was sufficient to meet the limit state of the floor. 
Additionally, it was found that the bottom surface of the element did not freeze. Consequently, no additional repairs 
and safeguards were necessary, apart from removing the frozen layer at the connection with the vertical elements. 

4. Summary 

When working in low-temperature conditions, it is necessary to take measures to protect the fresh concrete. 
Many methods are available, but in practice, the most common combination is electroheating in conjunction with 
covering the surface of the element. In the case described in the paper, as in many similar situations, electroheating 
was used alongside surface covering. Regardless of the undeniable effectiveness of this method, in the described 
case, due to the accumulation of several unfavorable circumstances [12], the effects of concrete protection against 
freezing were not fully achieved. These factors, related to the concreting process and insufficient control of the 
electroheating installation, rendered the heat treatment ineffective. Nevertheless, no repairs and additional 
protection were necessary due to the calculated reserve of the load-bearing capacity resulting from the thickness 
of the ceiling, which was adopted mainly due to architectural requirements. 

Ten years have passed since the described case. The authors' subsequent experiences show that in currently 
designed structures, such a situation would be unlikely because the thickness of the floor slab is now determined 
solely by constructional considerations. The example presented in the paper demonstrates the importance of 
properly planning and preparing for work in low-temperature conditions. However, practice shows that there are 
often no procedures setting standards for the design of the electroheating installation and the conduct and control 
of the process itself. 

There are many devices and systems for continuous temperature recording available on the market, along 
with software for determining the increase in concrete strength, e.g., using the maturity curve method [9]. Such 
systems are usually offered by companies specializing in temperature control services inside concrete, mainly in 
massive structures and strength development control. In practice, for many investments, complicated 
measurements carried out by specialized companies may not work well in the conditions of a construction site, 
and they also generate increased costs. This makes it all the more important to develop simple standards for heat 
treatment at the construction site that can be used by any construction supervisor. The presented example also 
shows how the accumulation of unfavorable events, each of which individually would not be a threat, can 
synergistically lead to serious implementation problems. 
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1. Introduction 

In the expert activities of the authors, the issue of disputes between parties to legal proceedings, where 
determining the age of a concrete element was of key importance, has arisen several times. Building documentation 
should be the basic source of knowledge in this regard. However, in many cases, particularly for items made using 
economic methods, such documentation is not available. 

In litigation concerning, inter alia, property rights, determining when a given structure was actually completed 
can be of significant importance. For example, the authors of this article have been asked several times to resolve 
disputes over the age of concrete elements in real estate fences on adjacent plots. Determining the date of erection 
of such an element can be decisive in the context of awarding the so-called real estate acquisitive prescription. 
Prescription of real estate is a method of acquiring ownership rights by an unauthorized owner as a result of the 
actual exercise of these rights over a period specified by law. According to the Polish Civil Code, for real estate to 
be settled by acquisitive prescription, the following conditions must be met: spontaneous possession, continuity of 
ownership, and the expiry of the specified period. The decisive factor in determining acquisitive prescription is 
the length of the period of unauthorized possession. The minimum period is 20 consecutive years for good faith 
or 30 consecutive years for bad faith. Thus, determining whether an item is more or less than 20 or 30 years old 
may, in the absence of other evidence, form a relatively objective basis for the final decision on prescription. 

In the opinion of the authors of this article, if such an element is made of concrete not covered on the surface 
with other materials, then a rough estimation of the age of the element could be done using measurements of the 
depth of concrete carbonation. The subject of this article is to present a procedure that allows for estimating the 
age of concrete based on measuring the depth of concrete carbonation in situ along with the assessment of other 
necessary characteristics of this concrete. The possible accuracy of estimation and its adequacy to the assumed 
goal were considered. Examples of estimates based on the experts' practice of the authors are presented. 

2. The method of estimating the age of concrete based on the depth of carbonation 

Scope of the investigation: The scope of the necessary tests includes: estimated determination of the concrete 
strength class, e.g., based on drilled cores; determination of the type of cement in concrete, visually or by 
instrumental methods; selection of carbonation depth test sites considering exposure conditions; and carbonation 
depth testing in situ on fresh forgings or sample breaks. 

Testing Methods: The best method to estimate the strength class of concrete, for which no technical 
documentation is available, is to take drill cores from the structure. The procedure is governed by the provisions 
of PN-EN 13791: 2019-12. 

Determining the type of cement (binder) in concrete is important for using nomograms to estimate the 
depth of carbonation (carbonation progresses faster in concretes with a significant proportion of non-clinker binder 
components). For a rough estimate, macro- and microscopic observations, including those related to the color of 
concrete, can be used. The skilled eye of an expert is often a sufficient tool to distinguish. 

Measurement of the depth of concrete carbonation is usually performed using phenolphthalein, a colorless 
solution that turns purple at the limit of pH = 8.3. The measurement procedure is detailed in the PN-EN 14630: 
2007 standard. An important element of the test is the selection of the measurement sites. The following rules 
should be followed: during the period of use, the concrete at the measurement site was not covered with any other 
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material impeding the access of carbon dioxide (e.g., paint coating, plaster, etc.); the tested concrete surface was 
not constantly or periodically submerged in water; the tested concrete surface was not covered with soil; the 
measurement is performed on the freshly forged (immediately before testing) concrete surface; it is not allowed to 
perform the measurement on the side of the well taken from the structure; it is permissible to perform the 
measurement at the fracture of a newly split well; the measurement of the carbonation depth should be repeated in 
a few selected places of the element. 

Principle of Estimating the Age of Concrete 

Information obtained in accordance with the procedure described on the strength class, type of cement used, 
and the average depth of carbonation allows the use of nomograms (e.g., such as in Figure 1). 

  

Fig. 1. Nomograms showing the relationship of carbonation depth, strength class and age of concrete 

The following part of the article presents an example of using the method to estimate the age of a fence 
foundation during court proceedings for the prescription of a part of a construction plot. The result of the estimation 
is illustrated in Figure 2, which presents possible variants for estimating the age of the concrete for the measured 
carbonation depth of 15-20 mm, depending on the strength class. 

 

Fig. 2 Concrete age estimation - arrows indicate the estimation range depending on the concrete strength class 

Limitations and uncertainty in applying the method 

The authors of the idea emphasize that the presented tool should only be considered auxiliary in legal—not 
technical—contexts, and the obtained results should be treated as burdened with a significant margin of error. 
However, as indicated at the beginning of the article, the aim is often to determine whether the age of the concrete 
exceeds the limits of 20-30 years. The practice of using this method shows that it can be primarily employed to 
demonstrate that the concrete is younger than indicated by oral information. The low carbonation depth of low or 
average strength concrete clearly indicates that it is relatively "young" concrete. The proposed procedure allows, 
with high probability, for this presumption to be converted into an experimentally supported numerical value.  
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3. Conclusions 

The authors of the article themselves approach the concept with considerable caution, acknowledging its 
imperfections, limitations, and high inaccuracy of estimation. However, it is difficult to deny the existence of a 
close relationship between the actual extent of carbonation in concrete and its age. Thus, despite the method's 
shortcomings and in the absence of any other means to determine the age of concrete, the authors see some potential 
in applying the proposed estimation scheme. 

From a scientific reliability standpoint, it should also be mentioned that the method is based on infinite 
carbonation models, as these are the indicators and nomograms available in the literature. This stands in 
contradiction to the (apparent) theory of finite (limited) carbonation, which has been published many times by the 
authors. According to this theory, carbonation follows a hyperbolic function of time, suggesting it has a finite 
range in concrete (model asymptote) but is achieved over infinite time. The apparent contradiction arises because 
analyses are conducted over a limited time range (i.e., 20-40 years). During this period, under natural carbonation 
conditions, the hyperbolic and parabolic models are not divergent enough to significantly affect the concrete age 
estimation result. 
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1. Introduction. 

The data collected on a sample of 116 tested buildings was analyzed in the years 2019-2020 in Łódź. As many 
as 76 of them (approximately 65%) are tenement houses built before 1920, during the period of the fastest 
development of the so-called Łódź Fabrykancka—one of the fastest-growing industrial cities in Europe in the 
second half of the 19th century. At the time of their creation, both the functional layout and dimensions of these 
facilities were commonly used in Łódź and constituted the basic type of development for the city, which was built 
from scratch. 

In addition, the buildings erected during the aforementioned period are an important element of cultural 
heritage and constitute a rich and generally accessible display of exceptional architectural details. These buildings 
have unquestionable historic and historical value. The vast majority of them are located in areas protected for their 
heritage significance or designated as Cultural Parks or historical monuments [9]. The value of the development 
in the very center of the city, based on these historical buildings, is also important. This is discussed in more detail 
in the publications "City in the Face of Challenges - How to Find the Desire to Live in the City" [10] and "A 
Benevolent City: How to Shape the City with Care for Everyone" [11] additionally supported by documents from 
state and local authorities regarding the strategic implementation of this direction [9,12]. 

The analysis of this set of buildings allows for the drawing of conclusions that are relevant to a large group 
of the remaining existing and functioning buildings in the center of Łódź. 

2. Description of the structure and functional arrangement 

The buildings analyzed, due to historical ownership conditions and technical limitations available at the time 
of their construction, have relatively uniform and repeatable construction solutions, which were only slightly 
modified in some cases. An example of compact development with the analyzed buildings is presented in Fig. 1. 

3. Methodology of assessing the technical condition of the buildings in question 

The analysis of the archival materials and the data included in the copy of the master map allowed for the 
preparation of base materials for the execution of the site visit and the assessment of the technical condition. As 
part of the site visit and interview with the owner or manager, the material and technology used for a given facility 
were finally determined, allowing for the assessment of individual groups of structural elements. The following 
possible technical states were assumed: Good, Satisfactory, Average, Bad, Emergency. 

4. Results 

For the tested set of objects, the following results were obtained: 

 Satisfactory condition with local exceptions: 11 items, i.e. approx. 14.5% of all objects meeting the 
adopted age criteria 

 Medium condition with local deviations from this status: 48 items, i.e. approx. 63.2% of all objects 
meeting the adopted age criteria, including 3 objects with elements in an emergency state 

 Bad condition with local exceptions: 17 items, i.e. approx. 22.4% of all objects meeting the adopted age 
criteria, including 7 objects with elements in an emergency state. 
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The total number of objects with elements in a emergency condition is 10, i.e. 13.2% of all objects meeting 
the adopted age criteria. 

 

Fig. 1: Orthophotomap, view of the layout of the buildings under study 

Source: Mapa.lodz.pl/ortofoto.log.lodz.pl 

5. Analysis of the technical conditions of selected structural elements 

Based on the assessments of the technical condition, the results were analyzed in groups of structural 
elements: roof structure, load-bearing walls of a repeating storey, ceilings, stairs, balconies, basement ceilings, and 
cellar walls. The statistics of the percentage share of individual technical conditions for each tested element are 
presented in tabular form below. Out of the 76 examined objects, 38 had balconies and 48 had cellars. The 
aforementioned results refer to these 38 and 48 objects, respectively. 

Damage types 

For the previously described technical conditions of individual structural elements, an analysis of the causes 
of damage was carried out and classified into five separate types. It should be emphasized that the examined 
facilities are mostly over 100 years old. These housing resources, due to historical changes in management, have 
been subjected to various forms of supervision—ranging from care for their current use value to various levels of 
"respect" by the residents who use them. 

Types of damage accepted: 

 TYPE 1 - no ongoing maintenance 
 TYPE 2 - incorrect implementation as part of modernization, renovation and reconstruction 
 TYPE 3 - insufficient installation and insulation solutions, guiding 
 to the occurrence of unfavorable phenomena in the field of building physics. 
 TYPE 4 - actions intentionally destructive 

Table 1 - Percentage share of elements in a given technical condition. 

 Assessment of the tech. condition of the element as: 
structural elements Good Satisfactory Average Bad Emergency 
Roof construction 3.95 22.37 52.63 15.79 5.26 

Load-bearing walls 0 10.53 68.42 15.79 5.26 
Ceilings 0 17.11 68.42 9.21 5.26 

Stairs 7.89 27.63 52.63 10.53 1.32 
Balconies 0 52.63 31.58 5.26 10.53 

Ceilings ab. the basement 0 18.75 50.00 16.67 14.58 
Basement walls 0 4.17 62.50 33.33 0 

Foundations 0 3.95 93.42 2.60 0 
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6. Conclusions 

 The general technical condition of most of the examined objects is average. For the studied sample, treated 
as representative of buildings of similar construction erected in the analyzed period, this applies to 
approximately 63% of buildings. This state of affairs is mainly influenced by the lack of adequate 
financial resources and maintenance of the facilities. This is due to the lack of awareness among the 
owners regarding their legal obligations [2] for periodic inspections and the recommendations indicated 
therein. Proper implementation of these recommendations allows buildings to be maintained in 
satisfactory technical condition on an ongoing basis. 

 Approximately 13% of the examined objects require immediate action, with the indicator rising to 15% 
among objects with cellars. These activities should focus on halting the causes of degradation of the 
facility's structural integrity and providing conditions for safe repairs. 

 According to the research statistics, more than 85% of the objects (63% in average condition, 22% in 
poor condition) require improvements in their technical condition in the short term to ensure their long-
term usability. In each case, it is necessary to prepare individual technical documentation. The conducted 
assessments and analyses indicate that focusing in the first phase on the effective enforcement of proper 
ongoing maintenance from the owners will help eliminate the most serious risks deteriorating the 
technical condition and functional properties of the facilities. 

 Construction work on such facilities requires special attention to the sequence of tasks and does not allow 
for the simultaneous opening of all work fronts. Identifying the scope of work requires an inventory of 
the facility and an assessment of its technical condition. The owners' obligations in the field of facility 
documentation, as indicated in the work [2], are also excellent starting materials for planning renovation 
or modernization investments. These materials allow for the determination of the geometric and physical 
parameters of the building, which are crucial at the stage of cost estimation and planning necessary 
financial flows over time. 

 The current situation regarding access to building materials and the analyses such as LCA (Life Cycle 
Analysis) or CBA (Cost-Benefit Analysis), resulting from climatic conditions and the assumptions of 
implementing circular economy policies [13], significantly impact interest in the described buildings 
constituting the housing stock. The tested objects have enormous potential for creating attractive living 
spaces with everyday contact with the cultural heritage and values of the city center [8], [9], [10], [11], 
[12]. Daily contact with this heritage undoubtedly influences the development of cognitive competences 
among inhabitants and society. 
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1. Introduction 

Correct anchoring of roof structures is particularly important due to the significant increase in threats resulting 
from the impact of catastrophic winds in our climate zone [1]. One of the main types of damage caused by such 
winds is to roof structure elements, including the detachment of entire roof coverings, especially those that are 
poorly designed and manufactured. 

The safety of the swimming pool roof structures in one of the oldest Polish water parks was endangered due 
to improper attachment of the purlins to the roof girders, in conjunction with long-term wind loads and thermal 
and humidity interactions. The pre-failure state of the structure was observed in the form of deformations in the 
roof purlins and roof panels. As a result of unsealing the roof joints and the subsequent thermal and humidity 
deformations of the roofing layer, numerous moisture stains appeared on the surface of the timber structure 
elements, causing their gradual degradation. 

2. Description of the swimming pool halls’ roof structure 

The water park complex that is the subject of the research was built at the beginning of the 21st century. The 
roofs of the sports and recreational swimming pools are made of glued laminated timber, forming two independent 
but identical structures in the form of single-pitched roofs. The timber roof structure of the sports swimming pool 
hall, measuring 36.0 m × 25.0 m, was designed in the 8'-13'/A'-F' axes, while the timber roof structure of the 
recreational pool hall, measuring 50.4 m × 25.0 m, was designed in the B-K/1-4 axes (Fig. 1). 

The main structure of the swimming pool halls consists of main hockey girders and rectilinear intermediate 
girders with a cross-section of 215 mm × 900 mm, except for girders in the D and E axes, where there are double 
girders with a cross-section of 2 × 140 mm × 900 mm. 

The main girders, with a span between the support axes of 25.0 m and a height in the ridge of approximately 
11.3 m, measured from the girder foundation level, were designed in the 9'-12' and C-J axes. They were made of 
two elements: rectilinear and arched, connected with pins and using steel sheets recessed into the cross-section. 

Intermediate girders are located in the middle of the span between the 8'-13' and B-K axes. 

The secondary structure of the roofing consists of purlins (continuous and at least two-span long) made of 
glued laminated timber with a cross-section of 90 mm × 166 mm and spaced 2.4 m apart, and single-span bracing 
purlins with a cross-section of 90 mm × 233 mm. 
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Fig. 1. Layout of the roof structure of the sports and recreational swimming pools 

The timber structure of the roof of the recreational swimming pool hall is shown in Fig. 2. The purlins are 
covered with a roof made of Metalplast Isotherm 120 sandwich panels, 1.0 m wide, with a polyurethane core 80 
mm thick and sheet metal cladding layers. The internal cladding has a thickness of 0.4 mm, while the external 
cladding has a thickness of 0.5 mm [2]. 

 

Fig. 2. View of the timber roof structure of the recreational swimming pool hall 

The roof panels were joined lengthwise in two lines. The joints of the panels are located above the purlins 
located in the p, u, d and h axes. 
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3. Symptoms of the pre-failure condition of the swimming pool halls’ timber structure 

After 20 years of continuous use, the timber roof structures of the swimming pool halls exhibit numerous 
moisture stains on practically all elements. Deformations in the roof purlins and sandwich panels constituting the 
roofing have caused the moistening of the timber roof structure. 

Water stains on the surfaces of the roof girders and purlins occurred particularly at the joints of the sandwich 
roof panels. The most intense moisture, covering almost the entire side of the purlins, was found on the roof purlins 
located in the p, u, d, and h axes, as marked in Fig. 1. 

 

Fig. 3. Pulling out of the screw anchoring the roof purlin to the girder 

Stains and moisture were accompanied by the exfoliation of the protective coatings on the wood, graying and 
blackening of the wood, and the appearance of algae on the surface of the timber purlins in areas with high moisture 
content. Localized biological corrosion (wood decay) was also found. 

Lifting of the purlins in the p, u, d, and h axes by approximately 12-15 mm was observed at the joints with 
the main and intermediate girders. Additionally, loose wood fibers and a worn surface on the purlins indicated a 
permanent, cyclical situation of the purlins being pulled out. This suggested a lack of stabilization of the purlins 
by the fixing screw (lack of axial load capacity of the screw), as shown in Fig. 3. In many places, spacers were 
missing between the surfaces of the roof purlins and the girders. The improper fastening of the purlins to the main 
and intermediate girders could lead to the roof slope breaking under strong wind loads (wind suction on the roof 
plane), thereby directly threatening the safety of the structure. 

4. Summary 

The presented case study of the pre-failure state of the swimming pool halls' roof structure highlights the need 
to ensure the correct working conditions of the structure for its long-term use. Cyclic external influences, such as 
wind pressure and suction, along with the weakening of the purlin-girder joints, led to deformations of the purlins. 
Consequently, this resulted in the deformations of the roofing panels and the unsealing of their joints, significantly 
altering the hygrothermal working conditions at the joints of the roofing boards. 

The emergence of a leak in the covering plane initiated deep condensation and the flow of condensate along 
the edges of the panel joints into the hall, causing the wooden structure to become damp. Additionally, increased 
heat losses, due to the opening of the roof panel joints, contributed to the melting of the snow cover on the 
swimming pool halls' roofs during winter periods. This led to the flow of meltwater towards the gutter strip, where 
it formed icicles, and further into the joints, and subsequently into the main timber structure of the swimming pool 
halls, causing its dampening. The prolonged process of permanent moistening of the structure resulted in further 
deterioration of structural elements, reducing their load-bearing capacity and that of the joints. 
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1. Introduction 

When repairing or reinforcing wooden structures, it is essential to remember that natural defects in wood can 
reduce the material's strength, particularly if located in the tension zone of the beams. To improve the mechanical 
properties of timber beams, artificial or natural fibre reinforcement may be used. Over time, structural members 
are subjected to constant and varying loads, chemical and biological agents, and sometimes increased design loads. 
Consequently, the structure may no longer maintain its initial design strength, necessitating repair or 
reinforcement. One method of improving the load-bearing capacity of damaged timber structural elements is to 
replace the damaged sections or use reinforcement, including composite reinforcement, which enhances the 
mechanical properties of these structural elements. Unfortunately, various restrictions may be encountered when 
replacing these elements due to high costs, environmental impact, or the incompatibility of the required timber 
species. These factors necessitate the use of alternative methods, such as FRP (Fibre Reinforced Polymers) 
materials [1, 2]. 

It should be noted that glued laminated timber beams may have natural defects, such as knots or slanting 
fibres, which reduce mechanical properties [1, 3]. Fibre composites are increasingly being used in the repair of 
structural beams due to their high corrosion resistance, strength, and straightforward application technique [4]. In 
recent years, considerable research has been conducted using carbon, aramid, or glass fibres to reinforce wooden 
or glued beams. However, the use of basalt fibres to reinforce timber structural elements is not very popular. 

Bonding mats to the side of the element is also a solution, based on analogous methods commonly used in 
reinforced concrete structures. For such reinforced concrete structures, many proven algorithms exist for 
determining the effectiveness of the reinforcement. However, in the case of wooden structures, this issue is rarely 
addressed and is rather poorly described in European literature. Therefore, this article proposes a calculation 
method based on American standards PCF-5100 and PCF-6046, which are the only standards addressing the issue 
of strengthening wooden (glued) structures with fibre composites. These standards present methods for 
determining load capacity and stiffness for elements reinforced during production, such as wooden beams of glued 
laminated timber with reinforcement in the tensile fibres zone or in both the tensile and compressive fibres zones. 
This paper additionally proposes a shortened calculation algorithm for determining the load capacity of timber 
beams reinforced with fibre composites, including basalt mats. 

2. Description of the test, the reinforcement method and the materials used 

Tests were carried out using reinforcement made from BFRP mats glued to the underside of the beam along 
its entire length. The glued beams were from Pinus Sylvestris coniferous timber, strength sorted using the visual 
method [5]. The lumber with the highest mechanical properties was placed at the top and bottom of the glued beam 
(KS - medium quality grade), where the bending stresses (both compressive and tensile) are the highest, while the 
lumber with the lowest mechanical properties (KG - lower quality grade) was placed in the middle layers. In 
contrast, the basalt mats provided surface reinforcement on the underside of the beam along its entire length. 
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The epoxy adhesive for bonding the reinforcement to the wood was mixed by hand at a ratio of 100:35 
(LG 815 epoxy resin and HG 353 hardener). After curing, the mixture achieved a flexural strength of 
110 ÷ 120 MPa and a modulus of elasticity of 2700 ÷ 3300 MPa. The values of the elastic modulus and final 
deformation of the BFRP mats used were E = 55 GPa and ɛu = 28%, respectively. There were nine beams tested 
without reinforcement; the remaining beams were reinforced with unidirectional BFRP mats. The beams were 
reinforced with unidirectional basalt fibres arranged in two layers of 380±25 g/m2 (BT11/1) glued to the bottom 
of the timber beams. The BFRP fibre was bonded to an epoxy resin matrix. 

The tests were carried out on beam elements with a length of 3.65 m, a cross section of approximately 
82x162 mm, and a support span of 3.0 m. The mechanical properties of the reinforced glulam beams were 
determined in accordance with PN-EN 408+A1:2012 [6]. In the study, 18 beams were tested, nine of which were 
unreinforced. 

3. Experimental results 

Glued laminated timber beams often deteriorate in the tension zone in places where there are knots, defects, 
or glued joints. Therefore, glulam is mainly reinforced in the tension zone to increase bending 
strength and stiffness. 

Based on the obtained results, it was found that for five glued laminated beams reinforced with BFRP mats, 
there was an increase of 5 to 8% in displacements compared to unreinforced beams. Additionally, the experimental 
study showed that beams strengthened with BFRP mats exhibited an increase in ultimate load of up to 19%. The 
unreinforced beams primarily failed in the elastic region due to defects in the tension zone of the lower lamellas. 
In contrast, the glued laminated timber beams reinforced with basalt mats demonstrated significant ductility. This 
ductility in the reinforced beams depends on the quality of the lower timber layers.  

Table 1 shows the obtained results of failure forces and bending moments for the given groups of specimens. 

Table 1: Destructive force value and corresponding bending moment.  

Model 
Fmax,(mean) 

[kN] 
Mmax 

[kNm] 
Model 

Fmax,(mean) 

[kN] 
Mmax 

[kNm] 
NWZ1 38.04 15.21 WZB1 48.53 19.25 
NWZ2 36.21 14.38 WZB2 50.78 23.35 
NWZ3 44.52 19.55 WZB3 55.56 26.13 
Mean 39.59 16.38 Mean 51.62 22.91 

Standard deviation 4.37 2.78 Standard deviation 3.59 3.46 

4. Computational analysis 

The design analysis was performed using the standards PCF-5100 [7] and PCF-6046 [8], which provide 
guidelines for the use of glass, aramid, or carbon fibre. These standards stipulate that the minimum percentage of 
reinforcement should be no less than 0.25%, while the maximum percentage of reinforcement should be no more 
than 2% for single reinforcement and 4% for double reinforcement. 

For comparative verification, the mean values of the maximum bending moments Mmax and the tensile stresses 
of the basalt mat obtained in the tests for the given models of unreinforced (NWZ) and reinforced (WZB) beams 
were compared with the value of the maximum mean moments Ma and the tensile stresses of the basalt mat 
obtained in the theoretical analysis. A satisfactory convergence of the results was obtained.  

Table 2 compares the experimental and theoretical results, demonstrating the alignment between the observed 
performance of the reinforced beams and the predictions made using the design standards. 
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Table 2. Values of bending moments, tensile stresses of basalt mat obtained from experimental and theoretical analysis. 

Model Mmax 
[kNm] 

Ma 
[kNm] 

ϬBFRP 
[MPa] 

Ϭa 
[MPa] 

NWZ (Mean) 16.38 19.21 _ _ 
WZB (Mean) 22.91 26.48 61.35 69.22 

5. Conclusions 

This paper presents the results of experimental tests on glued laminated timber beams reinforced with BFRP 
basalt mats, alongside a theoretical analysis. Based on the analysis of the experimental and theoretical bending test 
results, the following conclusions are drawn: 

 Basalt fibre mats applied to timber elements with low mechanical properties are an effective 
reinforcement method. 

 They can be used as a reinforcing material in wooden beams, particularly in the tensile zones of beams 
with defects. This was confirmed in experimental studies, where reinforced glued beams were found to 
behave more uniformly than unreinforced beams, improving design properties. 

 The tests revealed a significant increase in load-bearing capacity (approximately several percent), while 
stiffness values were slightly higher. 

 The ease of implementation means that the use of basalt mats allows for simple restoration of structures, 
enabling higher permissible loads or restoring original strengths. 

 The theoretical analysis has shown that using Uniform Building Code 6046 is justified when reinforcing 
flexural wooden beams with basalt mats. Comparative verification has resulted in satisfactory 
convergence in both experimental and theoretical studies. 

The article presents the results of research on strengthening glued laminated timber beams with basalt fibre 
mats. However, the conclusions of the research are also applicable to strengthening solid wood elements. 
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Abstract: The article is an attempt to analyze the construction disasters that took place in Poland, in the years 2004 - 2019. Using a 
comparative analysis, they were juxtaposed causes, places, scale and consequences of disasters. Certain regularities were observed, 
thanks to which conclusions were drawn, allowing to minimize the risk of construction disasters in the future. 

1. Introduction 

The reliability and operational safety of building structures are influenced by a large number of factors, as the 
processes of designing, constructing, and operating a building are very complex. Given the multitude of factors 
that directly affect the safety of a building, it can be stated with certainty that it is impossible to completely 
eliminate the possibility of a construction disaster. While the risk of such occurrences can be minimized, full 
reliability can never be achieved. 

Collecting information about past construction disasters is highly useful. Analyzing these data allows for a 
better assessment of building conditions and verification of the quality of solutions used in construction. This, in 
turn, increases the safety of structures by avoiding previously committed mistakes in the future. Similar statistics 
and analyses are conducted in many countries. Thanks to such research, it is possible to improve the processes of 
designing, executing, and operating buildings. The collected data allows for improvements and amendments to 
building codes, design standards, and rules for construction and acceptance of construction works. 

2. Basic information about construction disasters 

The construction disaster, in accordance with Article 73 of the Construction Law [1], is defined as 
"unintentional, violent destruction of a building object or its part, as well as structural elements of scaffolding, 
elements of forming devices, sheet piling, and excavation lining." Thus, a construction disaster should be 
understood as the total or partial destruction of a permanent or temporary building, an engineering or industrial 
building, or a technical device.  

Between 2004 and 2019, 6,627 construction disaster cases were recorded in Poland. Events that are not 
considered construction disasters according to Article 73 of the Construction Law include: 

 Damage to elements built into the structure that are suitable for repair or replacement; 
 Damage or destruction of construction equipment related to buildings; 
 Installation failures. 

It is important to emphasize that a construction disaster must be violent, meaning sudden and unexpected. 
Gradual destruction of a construction site, occurring over time due to long-term neglect, cannot be classified as a 
construction disaster. 

The investigation into the causes of disasters is conducted by the locally competent construction supervision 
authority. Initially, this is always the authority of the first instance, i.e., the Poviat Building Supervision 
Inspectorate [1] (Art. 76 section 1 point 1 in connection with Art. 74 of the Building Law). The proceedings may 
later be taken over by a higher authority, such as the Voivodship Inspectorate of Construction Supervision and the 
Chief Supervisory Office of Construction (Art. 77 of the Act). 

3. Analysis of construction disasters in Poland in the years 2004-2019 

Figure 1 shows the number of construction disasters in Poland from 2004 to 2019, as provided by the General 
Office of Construction Supervision. 
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Fig. 1. The number of disasters in Poland. Source: own study based on [2] 

Looking only at the statistical data on the number of disasters, as shown in Fig. 1, it is difficult to draw clear 
conclusions because there is no evident downward, upward, or stabilization trend. The years 2004 and 2005 mark 
the beginning of Poland's membership in the European Union. During these years, foreign capital began flowing 
into Poland, which had a significant impact on the economy, particularly the construction sector. Funding for 
entrepreneurs, municipalities, and farmers led to a rapid increase in the number of industrial facilities, roads, 
agricultural, and residential structures being erected. The increased amount of construction work is associated with 
a higher risk of construction disasters. 
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1. Introduction 

Cracking of partition walls is one of the most common defects in buildings and can be caused by design, 
execution, and exploitation factors. Statistically [1], approximately 60-70% of non-load-bearing wall cracks in 
central and eastern Europe occur due to the deformation of structural support members. This issue has often been 
neglected in structural analyses and calculations of load-bearing systems of designed structures [1-3]. 

One approach to protecting non-structural and finishing elements is to limit the active deflection of flexural 
members, i.e., the difference between the total deflection and the deflection determined directly after the 
completion of the support installation and the incorporation of the non-load-bearing element, such as partition 
walls. EN 1992:2008 [3] states that the deflection of the structure should not exceed the limits that can be 
accommodated by other connected elements, and that this limitation may be required to ensure the proper 
functioning of machinery or apparatus supported by the structure. 

In this extended abstract, an example of a laboratory and office building is presented, in which insufficient 
deflection limits and design simplifications led to extensive cracks in the partition walls of passageways and rooms. 

2. Building description 

The object under analysis is a five-storey building constructed between 2010 and 2012 using monolithic post-
and-beam construction technology. The structure is situated on a rectangular plan with added avant-corps on the 
southern and eastern sides. The basic load-bearing structure consists of three-nave reinforced concrete frames on 
which reinforced concrete slabs are placed. 

All reinforced concrete structural elements of the building (floor slabs, beams, columns, foundations) were 
made of C25/30 concrete. The main reinforcement was provided by AIIIN (B500 SP) steel. The masonry walls 
were made of Porotherm blocks, while the partition walls on the 2nd and 3rd floors were made of 18 cm thick 
autoclaved aerated concrete blocks. 

3. Damage description 

Damage to the partition walls in the building under investigation was observed shortly after the facility was 
commissioned. The cracks occurred only within the second and third floors of the building. Regarding the main 
structural elements of the building, no alarming phenomena were found that could indicate improper functioning. 

The survey of the partition wall cracking indicated that most of the cracks had a typical pattern related to the 
excessive deflection of the wall-supporting structure (Figure 1). The course of cracks in the partition walls was 
heterogeneous, with both vertical cracks and cracks with distinct horizontal and diagonal courses observed. The 
horizontal cracks usually passed through the bracket welds, whereas the diagonal cracks ran along the bracket and 
butt welds or through the masonry elements. 

The most pronounced cracks were observed in the partition walls of the rooms and the hallway located above 
the lecture hall (Figure 2). The crack development in this area ranged from 0.9 to 2.4 mm. The remaining observed 
crack widths reached 0.3 to 0.6 mm. 
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Fig. 1. A typical course of partition wall cracking 

 

Fig. 2. Second-floor plan with an indication of cracked walls 

A certain regularity in the location of partition wall cracks can be distinguished within the examined floors 
of the building: 

 The most extensive cracking occurred in the area of axes F, G, and H, directly above the lecture hall. The 
load-bearing system in this part of the building is characterized by the longest spans of construction 
elements. 

 Cracks in transverse partition walls (parallel to the load-bearing frames) appeared when they rested 
directly on the slabs. Cracking is practically eliminated when transverse walls are supported on beams. 

 Cracking of corridor walls was observed in segments connected with transverse partition walls supported 
on slabs. 

In addition, deflection measurements were conducted on selected structural elements that provided support 
for the cracked partition walls and were easily accessible. The deflection of the bottom surface of unfinished 
structural elements of the second floor was recorded. The results showed that at that time, the deflections of 
structural elements had not exceeded the limit value of 1/250 of the span relative to the supports, according to 
PN-EN 1992:2008 [3]. Nevertheless, it should be noted that in the case of the unidirectional reinforced concrete 
slabs, the value of the maximum deflection relative to supports was close to the limit value. Deflection values in 
the range of 1/255 to 1/290 of the span were registered. 

The measurements of deflection of structural elements also revealed the occurrence of displacement of 
columns in the F and H axes relative to the column in the G axis at the level of the 2nd-floor ceiling. The frames 
in the F and H axes at the level of the ground floor and 1st floor do not contain the columns on axis 3, due to the 
location of the lecture hall at these levels. The columns in question are supported by joists located in the ceiling 
above the first floor. Consequently, the measurements indicated the influence of deflection of these joists on the 
deformation of the 2nd- and 3rd-floor structures within the lecture hall. 

4. Structural analysis of the building 

A spatial calculation model for structural and deformation analysis was developed in Autodesk Robot 
Structural Analysis 2013. The structure was modeled using beam and shell elements forming the spatial frame and 
floor systems. The load specification was adopted according to the structural design. The calculations included 
interaction with partition walls in the form of a linear load where they occur. 
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The structural analysis indicated that the ultimate limit states were not exceeded in the main structural 
elements of the building. Based on the calculations, it can be estimated that the values of active deflection for the 
ceilings of the 1st and 2nd floors in relation to non-deformable supports range from 1.2 to 2.3 cm. Therefore, the 
obtained values exceed the permissible active deflections determined based on EN 1992:2008 [3] and ISO 4356 
[4]. The distributions and values of total deflections from long-term loads received in the numerical calculations 
are consistent with the measurements of actual deflections of structural members, as well as with control analytical 
calculations of selected structural elements. 

5. The cause analysis of partition walls cracking 

The direct cause of the partition walls' cracking on the 2nd and 3rd floors was the increment of deflection of 
floors supporting the partition walls, which occurred after the structure's completion. The values of the active 
deflection obtained for the ceilings of the 1st and 2nd floors significantly exceeded the permissible shape 
deformation angle for walls made of autoclaved aerated concrete. It should also be noted that the adopted static 
system within the lecture hall additionally intensified the described reason for partition wall cracking. The increase 
in deflection of the lecture hall ceiling joists in the F and H axes, due to rheological phenomena, resulted in the 
displacement of the structural elements of the 2nd and 3rd floors. 

Moreover, other design errors were found, such as the application of a substitute impact of load from partition 
walls despite their arrangement perpendicular to the ceiling span, or the underestimation of load from suspended 
installations. 

Additional factors affecting the cracking of the partition walls include the lack of appropriate technological 
guidelines in the design documentation for the execution of partition walls on ceilings with considerable spans, 
and the use of a crack-prone material - autoclaved aerated concrete - for partition walls. The influence of further 
factors related to the construction process is also not excluded. 

6. Summary 

Damage to partition walls commonly occurs in newly erected buildings during the initial period of their use. 
This cracking is mostly related to the deformation of structural elements supporting these walls. The standards 
concerning the structures on which the partition walls are placed provide various permissible values for their 
deflection. Moreover, the standard guidelines do not take into account the influence of the location of openings in 
relation to the length of the walls, the conditions of the ceiling support, and the conditions of the wall connection 
with surrounding structures on their resistance to cracking. Therefore, it is advisable to conduct research on the 
behavior of partition walls located on vulnerable ceilings and to specify standard guidelines for this issue. Doing 
so will make it possible to eliminate damage to partition walls in newly designed buildings. 

The results of the investigations in this analysis have led to recommendations for the repair of cracks in 
partition walls. However, it should be emphasized that no repair technology provides a full guarantee that cracks 
in damaged walls will not reappear. 
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Abstract: The article presents the most common damage to the structure of historic buildings caused by natural factors. The authors 
of the text indicate how important it is to properly maintain and protect historic buildings in order to limit the degradation of the 
structure. On the example of two objects entered in the register of monuments, an analysis of their technical condition was carried out, 
along with an indication of the causes of the damage. On this basis, the authors show how large losses were incurred in the historic 
matter in a relatively short time. 

1. Introduction 

In Poland, at the turn of the 20th and 21st centuries and the early years of this century, many buildings and 
structures appeared that, as a result of ongoing economic processes, lost their owners, or the owners did not have 
the financial resources to maintain them or ideas for their development. Often, these buildings and facilities have 
been or are still left without proper protection. They are devastated by human activity as well as atmospheric 
factors. In the technical assessments of their condition, tests for moisture, salinity, and the strength of the materials 
from which they were made are usually conducted. The degree of freeze corrosion and other chemical degradation 
is also assessed. Damage caused by nature, especially vegetation, is treated marginally, as if in retaliation against 
humans for the invasion and brutal occupation of its territory. 

2. New Weaving Mill-Nowa Tkalnia 

The first example analyzed in the article is the former Uniotex plant in Łódź, 
Poland -“New Weaving Mill-Nowa Tkalnia.” The complex of industrial facilities was established in 1898 and was 
part of Charles Scheibler's cotton empire. The author of the design of the complex was Paweł Rubensahm. At that 
time, the Nowa Tkalnia facility occupied an area of 3 hectares. 

 

Fig. 1. Archival plan of an industrial complex in Łódź [1] 
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The complex of buildings in Nowa Tkalnia comprised mainly rows of one-story buildings. The exceptions 
were buildings located on the north and south sides, which were erected as two-story structures. The weaving 
building has a characteristic raised central part. In this zone, various transformed forms taken from the early 
Renaissance can be found. Over the years, some of the buildings have been rebuilt, with an additional 
story added [1]. 

After World War II, the Nowa Tkalnia complex changed its name several times, a fact that the inhabitants of 
Łódź undoubtedly remember, giving this place a certain symbolic status. Following the Pope's visit, the complex 
operated under the local name of "papal weaving mill." 

Since 1989, the building has changed owners several times, and its detailed history is not well documented. 
It is known that by the end of the first decade of this century, the building was empty. During this time, the roof 
collapsed. In 2012, there was a large fire in the Engine Room building, during which the roof and the historic 
ceiling were completely destroyed. 

It seemed that including the entire building complex in the register of monuments in 2012 would improve its 
technical well-being, but this did not happen. It was not until 2017, after the property was taken over by a new 
owner, that conceptual work on the development of this area began. 

3. Palace near Poznań 

The second example analyzed in the article is a palace located in a village near Poznań, Poland. The facility 
is situated in the central part of a historic manor park. The construction of the building dates back to the early 20th 
century, utilizing the walls of an older building from the 17th century. 

The palace was expanded and renovated many times. In the 1960s, it housed a student center. The last changes 
in appearance took place at the turn of the 20th and 21st centuries, when improperly carried out renovations 
resulted in the destruction of the architectural decoration of the facade. The last user of the facility was the 
management of the State Farm. The building has not been used since 2009. 

 

Fig. 2. General view of the palace - photo taken in 2021 

During the diagnostic work on these two building complexes, it was found that the brick walls did not contain 
a high concentration of harmful building salts. Their dampness varies but does not exceed the limit of a "moderately 
moist wall" according to the WTA classification. Harmful building salts are present at most in average 
concentrations. The strength of the brick in the walls turned out to be very diversified, influenced not only by 
corrosion processes but also likely by the variability in quality during the construction stage. 

The biggest surprise was the attack of vegetation on the abandoned and devastated walls of the former 
industrial buildings. Initial examination revealed a typical wall covering with vegetation. However, what was 
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surprising was the scale of damage caused by the root systems. In some places, the wall was delaminated and 
detached due to the roots (see Figures 3 and 4). 

 

a) 

 

b) 
Fig. 3. Example of demages: a) the root system of plants inside the building, b) degradation of the wall of the brick weaving 

mill in Łódź 

 

Fig 4. Example of demages – The plants existed in the roof of the palace building near to Poznań 

4. Summary 

The examples shown above demonstrate that the enemy of buildings erected by humans and left unattended 
is not only the devastation and destructive impact of weather conditions but also the "retaliatory" action of animate 
nature. This occurs both in rural areas, where nature is dominant, and in the centers of large urban agglomerations. 
This impact of nature must be taken into account when planning the renovation of old buildings that have gone 
through a period of abandonment. Sometimes, a small investment in appropriate protection of the building against 
extended breaks in its operation can save future owners and investors a significant amount and extend the longevity 
of the renovation. 
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1. Introduction 

Damage to cantilever balconies and galleries occurs in buildings erected several decades or even more than a 
hundred years ago, as well as in modern facilities [1-5]. These damages are of various natures and depend on many 
factors. The basic factors influencing the condition of balconies and galleries include the period and degree of 
exposure to the adverse effects of the external environment, the type of materials and technologies used in their 
construction, the quality of workmanship, and the frequency and manner of past renovation works. 

This paper presents examples of balconies and galleries where the technical condition posed a safety risk and 
required immediate intervention for repair and renovation. The presented examples constitute a small part of expert 
studies carried out by the authors, which concerned the assessment of the technical condition of balconies and 
galleries. The examples were selected to illustrate the problems as widely as possible, including balconies and 
galleries in a tenement house, prefabricated concrete buildings, as well as buildings with a monolithic reinforced 
concrete structure and masonry structure, which are currently dominant in construction. 

In addition to analyzing the causes of damage to balconies and galleries, the paper also provides suggested 
methods of repair. 

2. Research on balconies and galleries - case report 

The balconies and galleries presented in this chapter are located in five buildings. In all cases, the technical 
conditions of the balconies and galleries required protective and repair measures. 

The galleries with a steel and timber structure in a building erected at the beginning of the 20th century were 
in the worst technical condition (gallery G1 in Fig. 1). Due to the poor technical condition of the timber elements 
(beams and balustrades), it was recommended to exclude them from use and proceed with immediate repairs. A 
new structural system was proposed. For conservation reasons, some original elements of the balconies, such as 
steel cantilever beams and steel elements of balustrades, have been preserved. 

 
a) 

 
b) 

Fig. 1. Technical condition of galleries with a) steel and b) timber structure (G1) 

Many damages were also found in galleries with a steel and concrete structure located in a service and 
commercial building (gallery G2 in Fig. 2). The pavilion was erected in the late 1970s. The damages affected both 
the balcony structure and the top layers. Based on in-situ tests and control calculations, it was recommended to 
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reduce the service loads and ultimately perform a general renovation of the galleries. The proposed solution 
included strengthening the balcony structure and replacing the balcony layers. 

 
a) 

 
b) 

Fig. 2. Damages to galleries with a) steel and b) concrete structures (G2) 

The cantilever balconies in residential buildings that had been in use for over 40 years were also in poor 
technical condition (balconies B1 in Fig. 3). These balconies were made as prefabricated reinforced concrete 
elements. In in-situ tests, no waterproofing layers were found. The temporary renovation of balconies carried out 
in the past was limited to the implementation of new top layers on the existing layers, which led to an additional 
load on the structure. It was recommended to remove all existing top layers and install new ones in accordance 
with modern materials and technological systems. Repair of the reinforced concrete slabs of the balconies was also 
recommended. Until the renovation is carried out, the permissible service load on the balconies has been limited. 

   

Fig. 3. View of the balconies in residential building with prefabricated structure (B1) 

The prefabricated balcony slabs were also used in a building erected in the 1970s using the prefabricated 
construction system WUF-T/67. Tests of these balconies showed numerous damages to both the reinforced 
concrete balcony slabs and the layers on the balconies (balconies B2 in Fig. 4). The steel balustrades were also 
subject to corrosion. Based on the research, it was found that there was no waterproofing on the balconies. The 
lack of waterproofing and the poor condition of the flashings were the reasons for water stains and corrosion 
damage to the balconies. 

Renovation was recommended, consisting of removing the balustrades and all layers above and below the 
prefabricated reinforced concrete slabs, and then installing new balustrades and layers. 
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Fig. 4. Damages to prefabricated balconies (B2) 

Extensive damages also occurred in the balconies of a building that had been in use for only a few years. 
These balconies were constructed as monolithic reinforced concrete cantilever slabs. The damages included issues 
with the top layers, fronts of the balconies, and corrosion of the steel balustrades (balconies B3 in Fig. 5). 

Leaks were visible on the underside of the balconies. During the tests, poor workmanship was identified. The 
balconies were not constructed in accordance with the design specifications. The waterproofing and flashings were 
improperly executed, which resulted in material deterioration and detachment of the top layers. Consequently, the 
balconies were qualified for renovation after only several years of use. 

  

Fig. 5. Damages to balconies in building used for 6 years (B2) 

3. Analysis of research results 

The case review given in Chapter 2 shows that the problem of poor technical conditions of balconies and 
galleries affects not only buildings in use for several decades but also new facilities. In buildings that have been 
used for a long time, the poor technical condition of balconies and galleries is usually due to poor-quality materials 
and neglect of renovation. Damage to balconies and galleries mainly concerns the top layers. Strong deterioration 
of these layers and the lack of timely repairs ultimately lead to the destruction of structural elements as well. 

In buildings used for a short time, the causes of damage are usually design faults and/or poor workmanship. 
Improperly installed waterproofing (or lack thereof) results in the dampness of the materials and stains visible on 
the underside of gallery and balcony slabs after a short time. The destruction processes of materials are also 
intensified by their strong moisture content. 

Renovations of damaged balconies should be preceded by appropriate research and the development of a 
repair project. In-situ tests are of fundamental importance in assessing the technical condition of balconies. Minor 
destructive tests, supplemented by non-destructive tests and laboratory tests of materials collected from structures, 
enable the diagnosis of the causes of damage to balconies and galleries and the planning of their repair 
and strengthening. 
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The research on balconies should have a wide scope because the systems of the layers on balconies, even in 
the same building, may differ. This is due to the fact that apartment owners themselves carry out finishing work 
on the balconies. Many owners perform this type of work on their own, unaware of the phenomena and processes 
taking place on the balconies. The negative effects can be seen after a short time. 

The cases presented in Chapter 2 show that damages to balconies can often result in the detachment of balcony 
top layers. Loose fragments of detached materials constitute a safety risk and should be immediately removed. 
Regular technical inspections and repairs are essential to limit the pre-failure conditions of balconies and galleries. 

4. Summary 

Cantilever balconies and galleries, due to their location in buildings, are particularly exposed to the adverse 
effects of environmental factors and the related processes of material destruction. 

The cases presented in the paper show that the poor technical condition of balconies and galleries is most 
often caused by poor planning or workmanship. Additionally, improper use, lack of inspections, and lack of 
ongoing repairs contribute to their deterioration. 

The pre-failure condition of balconies and galleries necessitates extensive renovation. It is often necessary to 
remove all top layers of the balcony or gallery and strengthen the structure. The costs of such works are very high, 
often exceeding the cost of constructing new elements.  
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Abstract: The article presents selected aspects of diagnostics and renovation of historic sacred buildings, based on the example of two 
churches, one in the town of Rybna and the other in Skórc. Particular attention was paid to the damage caused by uncontrolled flow of 
heat and moisture through the building’s partitions. The necessity to use modern computational methods in the analysis of design 
(possible) solutions in the field of heat-moisture issues has been demonstrated. It was also indicated that an indispensable element of 
the planning process of the renovation of sacred historic buildings has to take into account the opinion of the local community. 

Keywords: sacred historic buildings, numerical analysis of design solutions, heat and humidity simulations, social aspect, 
survey research 

1. Introduction 

Renovation of elevations and insulation of walls in historic buildings requires the fulfillment of conservation 
requirements [1]. The problem of poor technical condition in historic buildings representing various construction 
solutions frequently affects their usability. This situation can only be improved by carrying out renovation and 
thermo-modernization works, tailored individually for each historic building. The algorithm for proper thermal 
diagnostics of historic buildings in the context of renovation activities is presented in [2].  

There are few publications on specific renovation problems for historic sacred buildings, so it is worth 
expanding knowledge in this area through "in situ" research on sacred buildings, which should form the basis for 
selecting the scope of renovation works. An example of such a methodology is the research carried out in the 
17th-century church in Sękowice [3]. In situ tests showed significant damage due to factors such as water and 
moisture. In sacred buildings, wall dampness causes many structural damages as well as the destruction of 
wall paintings [4]. 

Diagnostics of the condition and renovation of churches is an important and specific issue to ensure the 
comfort of the people staying inside. The aim of this article is to discuss selected aspects of diagnostics and 
renovation of historic sacred buildings, with a focus on scientific, technical, and social interests. 

The research was carried out for two buildings, churches in Rybna and Skórzec. 

2. Characteristics of selected sacred buildings 

In order to discuss the characteristic damages that occur in sacred objects, two buildings were selected for 
analysis, representing a similar style of architecture (Fig.1). Both buildings are separated by a distance of 
approximately 400 km, and share a similar cubature, time of erection, and a style that can be described as classicist. 
Initially built as wooden churches, they have been rebuilt and are now brick buildings with a wooden roof truss. 

 

 
a) 

 
b) 

Fig. 1. a) Church in Rybna, b) The parish church in Skórzec 
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3. Damage to sacred buildings 

The list of damages to the above-ground parts of the structures in Rybna and Skórzec is presented in Table 1. 
These damages were classified as aging-related, due to the long-term impact of environmental factors. 

Table 1 List of damage to elements in the objects in Rybna and Skórzec 

No. / Element 
The parish church in Rybna  

Description of the damage 
The parish church in Skórzec  

Description of the damage 

1. Wooden 
roof structure 

No visible damage. 

  

No damage. The elements damaged by 
biological corrosion were replaced during the 

last renovation. 

2. Wooden 
structure of the 

ceiling 

The ceiling beams are reinforced with steel. 
Locally damaged fragments were replaced. 

 

Minor scratches in the aisles visible from the 
inside. 

 

 

3. External 
walls from the 

inside 

Strong dirt in places of leaks and local freezing of 
walls. 

 

Strong dirt - the wall surface freezes. 

 

4. Floors 

Old, cracked and uneven floor to be completely 
replaced 

  

The floor has been completely renovated – 
replacement 

 

Figure 2 shows exemplary thermograms for wall fragments in the analyzed objects, on the left is the church 
in Rybna, on the right in Skórzec (newly erected wall - 2012) 

 
a) b) 

Fig. 2. Thermograms of wall fragments with thermal damage 

In the opinion of the authors, the thermal imaging analysis of sacred monuments should be supplemented 
with a numerical analysis of the damage to identify the cause of their occurrence. In both structures, there are 
clearly visible damages caused by the influence of groundwater and rainwater in the plinth band. 
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4. Selected aspects of the renovation process. Social participation 

The authors propose that the social aspect, understood here as the participation of residents and believers in 
the process of making renovation decisions, should become a standard practice. This has not been common so far. 
Research in this area can be carried out in the form of a questionnaire or interview with the parish community. 

As part of the research conducted, respondents were asked to rate the parameters related to the comfort of 
using the facility on a five-point scale from 1 (bad) to 5 (good). The worst assessment was for visual comfort 
(average rating 1.9), followed by respiratory comfort (average rating 2.7). In an open question further exploring 
their opinions, respondents pointed to observed problems such as feeling dampness and mold, walls requiring 
painting, and the need for renovations to the ceiling and chimney. 

5. Recommended actions before renovation 

The design of renovation activities should depend on several factors: the results of diagnostics and expert 
opinions on the condition of the structure; the results of historical and archaeological research carried out prior to 
the renovation decision; arrangements with the local conservator of monuments; the opinion of the local parish 
community; and the financial capacity of the investor. 

6. Summary and conclusions 

The number of sacred monuments in Poland, which are not necessarily class "0" monuments, can be estimated 
at least 5,000. The vast majority of them are in a technical condition that can be described as satisfactory, but 
requiring renovation measures on a larger or smaller scale. The factors that have a decisive impact on the 
destruction of structural and non-structural elements in these facilities include, primarily, the effect of water and 
moisture. 

The use of modern computational methods in the selection of solutions, particularly regarding construction 
and thermal and humidity issues, is now an indispensable element of the renovation project for a historic sacred 
building. In the opinion of the authors, such a project should also take into account the opinions of parishioners 
regarding renovation activities, a practice which has not been widely adopted so far. 
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Abstract: The article deals with the subject of construction failures occurring during renovation works and related to the reconstruction 
of construction structures. Two cases of construction failures resulting from faulty technology and organization of construction works 
have been described. The first case concerns a situation that occurred during renovation works of the roof panels in a used multi-family 
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1. Introduction 

Construction failures occur both during the construction stage of buildings and throughout their use. A special 
case of construction failures (sometimes also disasters) is when they occur not because of improper use of the 
facilities, but because of the construction works carried out in them, such as renovation or reconstruction. In these 
cases, they are usually the result of the lack (or defect) of design documentation, faulty technology, and 
organization of construction works, or they result from sudden and random situations that are impossible to predict 
at the design and execution stage. 

This article addresses the issue of building failures occurring in renovated and reconstructed construction 
structures. It will present cases where construction failures arose due to technological and organizational errors in 
connection with the execution of construction works (renovation, reconstruction). 

In both cases, one of the authors of this publication was involved in expert work related to the described 
failures. 

2. Construction failure resulting from a roof fire 

The article presents a case of a fire of the roof covering on a multi-family residential building in Warsaw. 

The aim of the expertise was to assess the technical condition of the building structure in the area affected by 
the fire and determine its impact on the technical condition of the entire facility. Additionally, the expertise aimed 
to assess the scope of works necessary to restore the building’s condition in compliance with the law. 

The part of the roof structure that caught fire was made of wood and reinforced concrete. The wooden roof 
truss, which includes purlins with a 14x14 cm cross-section, 8x18 cm rafters, and 14x14 cm wall plates, transfers 
the loads to a reinforced concrete frame structure consisting of purlins (binders) with a 25x30 cm cross-section 
and reinforced concrete columns supporting it. The roof load-bearing structure was based on the reinforced 
concrete ceiling of the highest storey of the building and its external walls. The roof was covered with tar paper. 

The planned scope of the roof renovation works included detailed guidelines, the most important of which, 
from the point of view of the conducted analyses, were: 

 Installing the OSB board covering with increased water resistance. 
 Priming. 
 Installing the base layer of SBS roofing felt mechanically attached to the substrate. 
 Heat-welded SBS on the flat part of the roof, attics, and chimneys with asphalt roofing flashings. 

On May 7, 2018, during renovation works related to the replacement of the roof covering of the building, 
a fire started, resulting in the destruction of the roof structure above the attic premises. 

As a result of a visual inspection and own research in the period following the fire, the following were 
observed: 
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 There was significant damage to the roof covering and the wooden roof structure. 
 Rooms of residential premises located at the level of the usable attic were heavily contaminated by 

elements of the structure and roofing, which ended up inside the building as a result of the fire. 
 Most importantly, construction works were performed inconsistently with the building permit 

design. A significant deviation influencing the occurrence of the fire was the arbitrary change of the 
mechanical fastening of the base asphalt roofing (permit design solution) to welding of the base asphalt 
roofing to the OSB boards (Fig. 1). 

 

Fig. 1. View of the weldable asphalt roofing on the primed OSB board (private photo) 

Based on the conducted local inspections and the excavations made, it was decided that the roof truss, along 
with the entire roof covering, needed to be replaced. 

Regarding the impact of the fire on the global structure of the building, since no damage was found indicating 
a threat to the safety of the structure or its use, only protective and maintenance works were recommended. 

3. Construction disaster during the reconstruction of the Lepzig type building  

The catastrophe took place in 2017 during the construction works related to the reconstruction of a 
Leipzig-type office building for the needs of one of the ZUS (Social Insurance Institution) branches in Warsaw. 
In connection with the disaster and the emergency condition of the structure, a technical expertise was 
commissioned to determine the method of securing the stability of the damaged rafters of the structural frames and 
temporarily protecting the entire structure of the building. 

 

Fig. 2. View of the broken nod at the ceiling level of the 5th storey (axis 3 and front axis A) 
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The building was a six-storey office structure with six above-ground storeys and a total height of 26.6 meters. 
The building's development area was 930 square meters, and the usable area was 5,483 square meters. 

On July 17, 2017, during construction works related to the removal of floor slabs, the steel structure of the 
building was damaged. The site manager assessed the degree of damage to the structure, classified the event as a 
construction disaster, and took actions in accordance with the law. 

Tearing of the nodes (rafter-column) in the longitudinal direction along the A axis and in the axis 3 at the +5, 
+4, and +3 levels was found during the structural inspection. The joint was broken at the welded connection (the 
bolted joint showed no deformation) due to a vertical seam cut in the joint plate girder, with deformation and 
tearing off of the horizontal brace stabilizing the fastening of the plate girder of the node to the web of the column. 
From level +2 downwards in the discussed field, the joints appeared visually in good condition. 

For the purposes of securing the stability of the damaged rafters in the structure's frames and enabling further 
diagnostics of the building structure, it was recommended to 

 Assemble a cap on columns 2 and 3 in the A axis. 
 Use hangers (C160) to support the roof rafters. 
 Weld "stools" (L100) to secure the ceiling rafters above storeys +4 and +3. 
 Use 20 mm diameter tie rods welded to the columns in axes 2, 3, 9, and 10. Ties should be adjustable 

with turnbuckles. 
 Brace the structure in the transverse axes 2, 3, 9, and 10 using braces made of round pipes RO82.5x5. 
 Dismantle floor slabs above level +5 in the discussed field. 

The above recommendations were followed, enabling further and comprehensive diagnostics of the building 
structure's condition (including scanning of nodal welds) and other laboratory material tests. Finally, the building 
structure was completely dismantled. 

4. Conclusions 

Two cases of construction failures (catastrophes) described in this publication relate to situations where the 
permit design guidelines for technological and material solutions were ignored (the first case) or the organization 
of works, which has a significant impact on their implementation and safety, was not analyzed and thus not 
included in the design (second case). This clearly indicates the importance of planning and compliance with 
appropriate technology and organization of works. This factor is often underestimated, especially in renovation 
and construction. A lack of analysis in this area or ignoring permit design guidelines, combined with the lack of 
proper supervision, may lead to far-reaching consequences, or even a construction disaster. In the construction 
process, an important factor is compliance with construction technologies and procedures as well as reliable 
performance of works. 
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Abstract: The article presents the course of the failure and partial disaster of the Champlain Towers South condominium located in 
Surfside, Florida. It introduces the function of the building and characterizes its main structural system. Based on available materials, 
it also discusses the technical condition of the building in the years leading up to the disaster. The main causes of the floor's failure 
can be attributed to insufficient punch-through resistance and severe corrosion of the reinforcement caused by years of water 
penetration deep into the floor structure due to leaky waterproof insulation. Weak reinforcement bonds at the plate-column floor nodes 
and connections between columns, as well as long-term structural weakening due to temperature changes, were reasons why a local 
failure triggered a progressive disaster. 
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1. Introduction 

Damage to a single structural element can lead to an extensive disaster and, consequently, even complete 
destruction of a building. The spread of a local failure to the entire structure is known as a progressive disaster and 
most often occurs in structures characterized by low ductility and a low level of ability to redistribute internal 
forces [1]. The type of construction and attention to details such as proper reinforcement overlaps and appropriately 
designed beams are crucial here. 

The article presents the course of the partial progressive disaster of the Champlain Towers South 
condominium located in Surfside, Florida. Based on the analysis of technical documentation and photographic 
materials, an attempt was made to determine the possible causes of the disaster. 

2. The course of disaster 

On June 24, 2021, at 1:25 AM local time, a partial collapse occurred at the 12-story Champlain Towers South 
(CTS) condominium in Surfside, Florida. Figure 1 shows a photo of the building in use from 2015 and shortly 
after the tragedy. The destruction occurred at night, while residents were sleeping, resulting in a tragic death toll 
of 98 victims. The catastrophe was survived only by those who lived in the western part of the building and those 
from the eastern part who were awake before the disaster and managed to evacuate. 

 
a) 

 
b) 

Fig. 1. General view of the building a) in 2015. Source: [2] b) the day after the disaster. Source: [3] 

Based on this footage from surveillance cameras, the course of the progressive disaster affecting the eastern 
part of the building can be traced. It can be divided into three stages, which are schematically illustrated in Figure 2. 
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Fig. 2. Axonometric view of the building with the stages of the disaster marked 

In the first stage, the central (southern) part of the eastern wing of the building collapsed. All floors above the 
ground level began to slide down together. There was no observed avalanche effect of the higher floors collapsing 
onto the lower ones, as was seen in the World Trade Center disaster, which would suggest a failure in the upper 
parts of the building. After a fraction of a second, the northern part of the building collapsed in the same manner 
(stage 2). Both parts—the central and northern—separated from the western wing and the remaining eastern 
section of the building. This was due to the building's design—the division occurred along the edges of the 
reinforced concrete shear walls. Unfortunately, the remaining eastern part of the building lost stability and 
collapsed shortly thereafter (stage 3). Similar to the central and northern parts, this section collapsed due to a 
failure in the lower part of the structure. 

The central and northern parts of the western wing collapsed vertically. Additionally, the western section of 
the building tilted towards the south. 

3. Building’s function 

The Champlain Towers South (CTS) condominium was constructed at the turn of the 1970s and 1980s [4]. It 
was located in the town of Surfside, situated on a peninsula in the Biscayne Bay area of Florida. The building was 
part of a series of attractive condominiums built along the coastal strip of the Atlantic Ocean. 

The building had 13 stories—1 underground and 12 above ground. The underground portion entirely 
comprised a garage. Its layout was trapezoidal, directly resulting from the geometry of the plot. The length of the 
underground part of the building was 95 meters, and its width was 60 meters. An axonometric view of this level 
is shown in Figure 3. There was one two-way entrance to the underground garage from the north side. 

 

Fig. 3. Axonometric view of the underground part 

The floor plan of the above-ground levels of the building was shaped like an "L". The building was 65 meters 
long and 50 meters wide. It had 12 above-ground floors, with 9 of them being repetitive. The ground floor housed 
a driveway, an open parking area, reception, technical rooms, a gym, and apartments. Also, on the ground level, 
but outside the outline of the above-ground part, there was a pool area with a pool located in the southeast corner. 
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Figure 4 presents an axonometric view of this level, and Figure 5 shows the view of the repetitive floors, from the 
second to the ninth floor. Each of these floors contained 12 apartments. The subsequent floors mainly differed in 
the geometry of the balconies and a slightly altered apartment layout. The last, twelfth floor was incomplete and 
was designated for a luxury penthouse. The above-ground part of the building was 37 meters high. 

 

Fig. 4. Axonometric view of the ground level (lobby)  

 

Fig. 5. Axonometric view of above ground levels 

4. Description of the building structure 

The main load-bearing structure of the building was a plate-column skeletal system [5]. This design allowed 
for flexible space configuration within the building. 

Foundations: The building was indirectly supported on Franki-type reinforced piles with a capacity of 
150 tons. Under the columns, 2 to 4 of these piles were grouped together and connected by a reinforced concrete 
ring beam. A greater number of piles were used under the shear walls, and the ring beams were shaped like the 
letter "I". Under the external bearing walls of the garage, piles were evenly distributed along the perimeter of 
the building. 

The foundation slab, which also served as the garage floor slab, rested on these ring beams. It had a thickness 
of 230 mm. The primary lower reinforcement of this slab was Ø13 at 300 mm intervals, laid in both directions. 
The upper reinforcement above the columns was made with Ø16 bars at 200 mm intervals. 

Columns: The spacing between columns in the building was irregular, ranging from 3.8 m to over 8.0 m, 
adjusted to meet architectural functions. In the eastern wing of the building, the grid of columns was consistent in 
height across all floors. In contrast, in the western part of the building, the spacing of the columns on the garage 
and ground floor differed from that of the upper floors. 

Columns throughout the building had a rectangular cross-section. Single-story columns in the vehicle traffic 
area and pool area had a cross-section of 300×400 mm. In the garage and ground floor level under the western 
wing, columns with a cross-section of 610×610 mm were used. From the first floor upwards, columns with a cross-
section of 300×400 mm were used. In the eastern wing of the building, columns of 300×400 mm and 400×400 mm 
were used throughout the height of the building. 
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Floors: The garage ceiling had a thickness of 240 mm. Due to the variation in finishing layers of the ground 
floor, several stepped level changes were made in the floor—most often at the axes of the main columns. At these 
step changes, beams were introduced with a height corresponding to the height difference and a width equal to the 
thickness of the floor. Additionally, under the pool area and patio, support beams of 300 mm width and 380 mm 
height were added. The garage ceiling was reinforced with a lower mesh of Ø13 at 300 mm intervals. Above the 
columns, a mesh of Ø16 bars spaced 200 mm apart was used in both directions. The inter-columnar bands were 
reinforced unidirectionally with Ø12 bars at varied spacing. Figure 6 shows the principle 
of floor reinforcement [5]. 

  

Fig. 6. Guidelines for reinforcing a typical columnar band and inter-columnar band [5] 

The floor above the first level had a thickness of 200 mm. Due to the change in the spacing of the columns 
from the first floor level of the western part, to transfer the reaction from higher floors, a reinforced concrete grid 
at the level of the floor above the ground floor was used (see Fig. 4). The tie beams had a height of 1220 cm and 
a width ranging from 760 to 920 cm. The floors of the remaining higher levels also had a thickness of 200 mm and 
did not require the use of tie beams. The primary reinforcement for these floors was Ø13 every 330 mm. Above 
the columns, reinforcement of Ø16 every 200 mm was applied. No transverse reinforcement for punching, rigid 
inserts, or capitals were used in any of the floors. 

Building Stiffening and Circulation: The overall stability of the building was provided by two 
communication cores (marked in green on Figs. 3-5). In the western part, a core was located, consisting of a 
longitudinal wall 300 mm thick and two perpendicular reinforced concrete walls defining the elevator shaft. In the 
eastern part of the building, a single stiffening wall of the same thickness was used. An emergency staircase was 
located next to each of these walls. The staircases were made of prefabricated steel. 

Masonry Walls: External and internal partition walls were made from two-chamber concrete blocks with 
dimensions of 20×20×40 cm. These walls did not serve a load-bearing function. It is important to note that the 
project [5] specified that masonry walls should only be constructed after the main structure of the building had 
been erected. 

5. Materials 

Different strengths of structural concrete were used in the construction of the building. The foundation slab 
and the floors up to the sixth floor inclusive were designed using concrete with a characteristic compressive 
strength fck = 27,6 MPa. For the floors of the higher levels, concrete with a strength of fck = 20,7 MPa was specified. 
The columns of the underground garage and the first three floors were designed with concrete having a 
compressive strength of fck  = 42 MPa. From the third to the sixth floor inclusive, the columns were made from 
concrete with a strength of 34.5 MPa, and the columns of the higher floors were made from concrete 
with fck = 27,6 MPa. 

All reinforced concrete elements were reinforced with deformed steel. According to the design, GRADE 60 
steel as per ASTM A615 standard [6] was used. This is a hot-rolled structural steel with a distinct yield point 
fy = 420 MPa. The ductility class for this grade of steel according to [7] is Class B. 
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6. Technical condition of the building 

The more significant damages found were related to the elements of the facade and balconies: blistering of 
plasters at the edges along with deeper erosion on the underside of the slabs, cracked ceramic tiles, cracks, and 
blistering of the facade plaster. 

While the facades and above-ground part of the building did not raise concerns during the inspection, the 
underground part did. Numerous multi-directional cracks were found on the lower surface of the ceiling above the 
garage. The width of the cracks ranged from 0.1 mm to 2 mm. Most of the cracks were located in the area of the 
pool zone and patio. Visible were rust stains indicating rebar corrosion and gravitational stains of leached calcium 
carbonate, meaning the cracks in the ceiling were through-and-through. During the inspection, there were also 
failed attempts to seal the cracks with resin (leftover packers were found). 

Besides ceiling damage, numerous defects were found on the edges of the columns and severe degradation of 
the ramp descending to the garage. Examples of these damages are shown in Figure 7. 

The numerous, still active leaks through the ceiling cracks led the review author to conclude that the insulation 
on the ceiling was not watertight. Moreover, it was observed that the slopes on the ceiling were either not made or 
were too small, leading to the formation of water stagnation. 

     

Fig. 7. Damage to the structure in the underground garage Source: [8,9] a) cracks and rust stains on the lower surface of the 
ceiling, b) column damage, c) defects in the ramp plate 

The author of the studies [8,9] stated that the corrosion spots on the reinforced concrete structure present at 
that time were local and did not pose a threat to the overall safety of the building, but they required prompt repairs 
using appropriate techniques such as injection, reprofiling, or filling of voids. 

  

Fig. 8. Ceiling damage. Source: [11] a) close-up of a crack, b) view of the ceiling in the failure zone 

The condition of the ceiling above the underground garage is confirmed by a video [11] made in 2020. The 
video shows numerous cracks and efflorescence on the lower surface of the ceiling in the area of the driveway as 
well as the pool and patio areas (Fig. 8a). One of the shots filmed the area of potential failure (Fig. 8b). There is a 
clear difference in the condition of the ceiling surface at the junction of the patio and the residential part of the 
building. The supporting beam was visibly deflected, estimated from the photo to reach about 30-40 mm. 
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Fig. 9. Views of core samples taken from the garage ceiling. Source: [9] 

For the purposes of this study, core samples were taken from the garage ceiling (Fig. 9). Cores were collected 
from the patio area, the ceiling within the building outline, and the driveway. The condition of the concrete can be 
considered satisfactory. No rust was found in the samples, but concerns arise from the concrete voids around the 
reinforcement and the ease with which the rebar can be detached from the concrete. This may indicate reduced 
adhesion between the reinforcement and the concrete. Based on the recommendations from the reviews [8,9], a 
comprehensive repair project for the building was developed [10]. 

7. Causes of the ceiling failure 

As previously mentioned, just before the collapse of the eastern part, witnesses reported the ceiling above the 
garage caving in. Figure 10 schematically shows the area of the ceiling failure, and Figure 11 presents photos of 
the damaged ceiling. It cannot be ruled out that the initial area of failure covered a smaller area (marked in red), 
and further destruction of the ceiling was caused by the collapse of the above-ground floors of the eastern part of 
the building. 

 

Fig. 10. Hypothetical area of the ceiling failure above the garage 

  

Fig. 11. Collapsed ceiling above the garage - visible effects of the punch-through. Source: [12] 

As seen in Fig. 11, in the area of the failure, the ceiling underwent a punch-through on all visible columns 
regardless of their size. Most of the joints were essentially completely destroyed—this applies to columns with a 
cross-section of 300×400 mm. In columns with a cross-section of 610×610 mm, which supported the part of the 
building that survived, partial punch-through cones can be seen, characteristic of eccentric load effects. 

To confirm the hypothesis that the ceiling was destroyed by punch-through, a numerical computational 
analysis of the ceiling above the garage was conducted. Internal forces in the ceiling were determined using a 
spatial model. It included floors and vertically cooperating elements—columns and walls (Fig. 12). A finite 
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element mesh (FEM) of 50 cm size was used, with local densification over the columns. The lower columns and 
walls were anchored in the foundation. The ends of the upper columns and walls were also anchored, with only 
the vertical axis sliding allowed. 

The ceiling was subjected to a uniformly distributed load based on the existing finishing layers. For the pool 
area, a load of 2.0 kN/m2 was applied. Additionally, planters placed on the patio with shrubs and palms were 
considered (5.0 kN/m2). In the lobby part, a load of 1.0 kN/m2 was assumed. Since there was no live load on the 
ceiling at the time of the failure, it was omitted from the calculations. 

 

Fig. 12. Computational model of the ceiling above the garage 

The calculations of the ceiling's capacity for eccentric punch-through were conducted according to 
Eurocode 2 [7] and the American standard ACI 318-77 [13] that was current at the time the building was designed. 
Both cases considered the designed material data and geometrical specifications. 

The calculations confirmed that the capacity for punch-through was exceeded even for the permanent load 
alone, regardless of the standard used. In the case of calculations according to EC2 [7], deficiencies in capacity 
occur in all zones of column punch-through with a cross-section of 300×400 mm, ranging from 27% to as much 
as 102%. The areas around columns with a cross-section of 610×610 mm are an exception, where there is a small 
margin. In the case of calculations according to the ACI 318-77 standard [13], there are also deficiencies in 
capacity, though they are less severe. 

 

Fig. 13. Graphical presentation of control perimeters according to EC2 [7]. Red color indicates exceeding shear capacity. 

We must ask why the failure did not manifest earlier. This can be explained by the fact that the structure had 
an additional reserve capacity due to the actual properties of the materials—concrete and steel. Additionally, 
membrane forces from the interaction with retaining walls might have provided some increase in punch-through 
capacity. It is also likely that the nominal design load was not fully applied in the failure area. This slight reserve 
capacity was gradually reduced by external factors. The lack of watertight insulation on the ceiling and the inaction 
in undertaking appropriate repair work in this area allowed moisture and chloride ions from the marine 
environment to penetrate the structure over many years. This caused severe corrosion of the reinforcement, often 
hidden under finishing layers. 

 

According to the authors, corrosion was one of the causes of the disaster, gradually weakening the structure 
by reducing the effective reinforcement area and causing progressive cracking, leading to the redistribution of 
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internal forces. It is possible that the punch-through failure was preceded by a local exhaustion of bending capacity 
(e.g., in the beams supporting the ceiling—see Fig. 8b). 

8. Conclusions 

Based on the analysis of the collected materials, the following conclusions can be drawn: 

 From the moment of its construction, the building faced inevitable failure due to deficiencies in punch-
through capacity in the ceiling above the garage. 

 The probable cause of the ceiling failure was punch-through. This was confirmed by the computational 
analysis of the ceiling, revealing severe capacity deficiencies. 

 The lack of repairs and years of neglecting leaks through the ceiling allowed for the unrestricted 
development of reinforcement corrosion in the ceiling, which was an additional cause of the disaster. 

 The lack of continuity of the lower reinforcement of the ceilings above the columns and in the inter-
column bands, low degree of reinforcement, and short reinforcement overlaps were factors conducive to 
the development of the progressive disaster in the eastern wing. 

 Variable thermal effects may have contributed to the weakening of the structure. 

The CTS building disaster caused a significant stir, as there are many similarly constructed and aged 
residential buildings in Florida. It turned out that the technical condition of many of them is similar and will require 
costly repairs. Undoubtedly, the CTS tragedy will lead to a reform of the regulations in the USA regarding building 
inspections and maintenance. 
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1. Introduction 

Large-area floors in prominent commercial and public facilities often have a top layer made of stone slabs, 
most commonly marble. The dimensions of these slabs typically measure 500x500 mm, 500x1000 mm, and 
1000x1000 mm, with a minimum thickness of 30 mm. These floors endure not only pedestrian traffic but also the 
load from electric trolleys transporting construction materials and goods to retail outlets, carts of mechanical 
washers, scaffolding used during repair and maintenance works, etc. 

Besides high aesthetic value, large-area floors with a stone top layer are expected to have high durability and 
ensure safe use [1-3]. However, these expectations are not always met. Construction practice shows that in some 
buildings, stone slabs crack after a short period of use. Individual slabs or assemblies consisting of several slabs 
often break, and typically, the number of these damages increases over time. 

Based on several cases diagnosed by the authors, some recurring causes and irregularities at the execution 
stage responsible for this state of affairs have been identified. Considering the above, the aim of this work is to 
share this knowledge and draw attention to non-destructive methods useful in testing such floors, both before use 
and during operation. 

2. The technology of making the top layer of stone slabs in large-area floors 

The technology used for making the top layer of stone slabs in large-area floors is generally straightforward. 
This process involves laying the slabs on a concrete base, which may rest on the ground or on a reinforced concrete 
ceiling, through a substrate that consists of a cement mortar layer several centimeters thick with a moist 
consistency. Immediately after laying the cementitious mixture and leveling the fresh layer, a cement laitance is 
evenly distributed on its surface to serve as the bonding layer between the substrate and the slabs. On this 
successively prepared cement substrate, the stone slabs are then laid in succession. 

3. Description and analysis of the causes of cracking of the slabs 

Stone slabs in large-area floors often crack after short-term use, and over time, the occurrence of these 
damages increases. Cracks typically appear in individual slabs in different areas of the floor, but sometimes several 
adjacent slabs break. These cracks can be described as "typical" and manifest in the following forms: 

 Fractures parallel to the sides or along the diagonals of the slabs 
 Broken slab corners 
 Large local nicks, dents, and edge chippings 

Crack lines are usually imperfect, featuring small nicks and chips. Broken corners often "collapse" and, over 
time, create oblique surfaces that are especially dangerous for pedestrian traffic, similar to edge chipping. The vast 
majority of slabs damaged in this manner cannot be repaired and must be replaced with new ones. 

During the diagnosis of several large-area floors by the authors, it was found that cracks in the stone slabs are 
primarily caused by significant irregularities at the execution stage, specifically regarding the incorrect method of 
preparing the substrate. These irregularities include: 
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 Streaked deficiencies of the cement mortar under the slabs and lack of alignment 
 Local shortages of cement mortar, especially in the corners and around the edges of the slabs 

Additionally, other causes include: 

 Embedding stone slabs with a thickness less than the designed specification 
 Lack of effective technical supervision in the field of substrate preparation and slab laying 

The streaked shortages of cement mortar under the slabs and the lack of leveling are technological 
irregularities that result in cracking when heavy loads, such as the wheels of an electric trolley loaded with building 
materials during the finishing stage or goods during operation, drive over these slabs. The mechanism of slab 
cracking in such situations is illustrated in Fig. 1. 

 

  

Fig. 1. The mechanism of cracking of stone slabs in exploited floors 

 

Fig. 2. The mechanism of cracking of stone slabs in exploited large-area floors when there are local deficiencies of cement 
mortar in the area of corners or edges 
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The lack of cement mortar in the area of the corners or edges of the slab is another technological irregularity 
that occurs when the slabs are placed on "spots" of cement mortar. In such cases, the corners become supports that 
are susceptible to breaking off not only when the wheel of a loaded trolley runs over them but also when they are 
loaded by scaffolding used for repair and maintenance works. The mechanism of slab corner cracking in these 
situations is illustrated in Fig. 2. 

In the event of the above-mentioned performance irregularities, a cumulative cause that increases the 
susceptibility of stone slabs to cracking may be their thickness being too small compared to the designed 
specifications. An example of this situation is a large-surface floor with a top layer made of marble slabs, where 
the design specified a thickness of 30 mm, but this was changed to 20 mm at the execution stage [4]. The results 
of measuring the thickness of the slabs in this floor are shown in Fig. 3. 

 

Fig. 3. Results of measurement of the thickness of samples of marble stone slabs cut from the floor (own elaboration based 
on the results of the research published in [4]) 

The fact that significant irregularities occur in the preparation of the concrete substrate for stone slabs during 
the execution stage, along with changes in the slab thickness to less than what was designed, indicates a lack of 
effective technical supervision or negligence. It should be noted that detecting irregularities in the preparation of 
the substrate for stone slabs at the stage of final qualitative acceptance of the floor is challenging. The focus is 
primarily on the general aesthetics of the workmanship, and control tests to assess the bonding of stone slabs to 
the ground using non-destructive testing equipment are rare. Typically, control consists of randomly tapping the 
floor surface with a wooden element and making a subjective diagnosis based on the presence or absence of the 
so-called "dead noise." In this context, it is highly recommended to use non-destructive research methods such as 
impulse response and impact-echo testing [5, 6]. 

4. Summary 

The extended abstract analyzes the causes of cracking in stone slabs used in large-surface floors in prominent 
commercial and public buildings. This analysis is based on our own diagnostic cases and relates to the technology 
of laying these slabs used in construction practice. It has been shown that cracking is primarily caused by 
significant irregularities committed during the execution stage, specifically in the preparation of the cement 
substrate for the slabs. The problem of non-destructive control tests for such floors before they are handed over 
for use, which allows for the detection and location of potential irregularities, has been highlighted. Useful non-
destructive testing methods have been identified for this purpose. 
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1. Introduction  

In recent decades, there has been a significant increase in the use of structural glass in contemporary 
architecture [1]. This trend applies to building elements that play a crucial role in ensuring the safety of building 
users [2]. The primary purpose of using barriers in buildings is to protect users from falling from a height. These 
elements are installed in places where there is a significant difference in levels between the surfaces on both sides 
of the barrier [3]. To fulfill their function, barriers must meet several requirements. The first requirement concerns 
the minimum height of the barrier, which depends on the functional purpose of the element and its location in the 
building. Another requirement is sufficient load-bearing capacity, meaning safe behavior under static and dynamic 
loads. The last requirement concerns minimum stiffness, which relates to limiting excessive deformation and thus 
ensures the functionality of the barrier and the comfort of building users. 

The loads acting on barriers are directly related to the actions of building users. These include static loads 
related to crowd pressure and wind loads, if the barrier is installed outside the building. The crowd load, depending 
on the category of use of the surface, is usually applied as a linear, horizontal load along the upper edge of the 
barrier, at a height of not more than 1.2 m from the floor surface. In addition to static loads, the barrier should also 
safely carry dynamic loads that may occur during its service life. There are two types of dynamic loads: soft body 
impact associated with human impact and hard body impact. Dynamic loads are crucial for ensuring the safety of 
building users and should be a fundamental element of static and strength calculations for such elements [4]. 

Glass barriers should fulfill their function in both the elastic state and the postcritical phase [3]. The glass 
may fracture for many reasons, including overloading, acts of vandalism, accidental impact with a hard object, or 
spontaneous breakage of tempered glass caused by the inclusion of nickel sulphide [5]. Due to the brittle behavior 
of glass, it is important in the design process to consider not only the ultimate limit state (ULS), which ensures 
safety in use, and the serviceability limit state (SLS), related to the aesthetics and comfort of use, but also additional 
limit states. These additional states refer to the post-breakage phase, i.e., from the moment the pane fractures [6, 7].  

The first of these, the so-called fracture limit state, directly relates to the moment and manner in which an 
element fails. To meet this limit state, it must be ensured that the fracture of a single pane or the entire element 
will not pose a threat to people in its immediate vicinity and that the impactor will not penetrate the element. When 
analyzing this limit state, particular attention should be paid to dynamic issues, such as impacts with soft and hard 
bodies. The second of these new states, the so-called destruction limit state, applies to the phase from the moment 
of fracture for a defined time, allowing for the evacuation of building users or replacement of the element. 

So far, no uniform standards and regulations containing the methods and principles of designing structures 
made of building glass have been developed in Europe [2]. Since 1999, the European Committee for 
Standardization within the Technical Committee CEN / TC 129 "Glass in Building" has been working on drafts of 
documents for the design of elements made of glass [8], which in 2020 resulted in the publication of the PN-EN 
16612 standard [9]. However, this standard applies only to secondary (non-structural) glass elements whose task 
is to transfer loads to the load-bearing structure, which significantly limits its applicability. It should be noted that 
the CEN / TC 250 / SC 11 "Structural Glass" commission is currently working on the development of a common 
standard for glass design for all member countries [10]. 
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2. Classification of glass barriers and dynamic loads generated by building users 

The most common classification of glass barriers was originally included in the German regulations [11] and 
later adapted in the DIN 18008-4 standard for glass barriers [12]. This classification depends on the geometric 
parameters of the barrier, the method of fixing, and the load transfer function (whether the element is structural or 
non-structural). The standard [12] defines three main classes of glass barriers: 

 Class A: Full-height barriers; 
 Class B: Free-standing glass barriers; 
 Class C: Glass infill elements. 

Correct classification of the barrier is a key task in the examination of the structure and is decisive for 
determining the value of the dynamic load. 

In the past, studies with volunteers have been conducted to estimate the maximum impact energy that can be 
generated by a moving human [13-18]. In Europe, experimental and numerical research on the simulation of a 
human impacting a barrier is carried out using a soft body—a two-tire pendulum model adapted from the standard 
for the classification of flat glass products [19]. The pendulum, with a total weight of 50 kg, is made of two 
pneumatic tires and a steel cylinder. During laboratory tests and computer simulations, the impact energy is 
controlled by the drop height of the pendulum, determined by the difference in the height of the center of gravity 
of the pendulum in its resting state (before being released) and at the moment it impacts the element. 

3. Selected results of own experiments 

The article presents selected results of research on a free-standing glass balustrade, which is part of the 
research project "Structural Safety of Glass Components" (grant no. 18-510), financed by the ÅForsk Foundation 
and carried out in the Division of Structural Mechanics, Faculty of Engineering LTH, Lund University in Sweden, 
during 2017-2018 [21, 22]. 

Fig. 1a shows the test rig for testing a free-standing glass balustrade subjected to a soft body impact with a 
two-tire pendulum according to [19]. A test element with dimensions of 1000 mm × 1200 mm, made of laminated 
glass (two panes, each 10 mm thick, with a 1.52 mm PVB interlayer), was mounted in a steel bracket to a depth of 
100 mm. Two strain gauges measuring vertical strains in the glass on both sides of the balustrade were mounted 
to the lower part of the glass pane. 

During the tests, the pendulum was released from a height of 300 mm, corresponding to an impact energy of 
147.1 J. This impact energy value is close to the average impact energy determined in experimental studies with 
volunteers running and hitting the barrier [4, 18]. Additionally, the element was tested in a post-fracture state (with 
one sheet fractured on the side of the pendulum) with the pendulum released from a reduced height of 100 mm. 

As part of the research project, a numerical model was developed in the ABAQUS environment to simulate 
the impact of a soft body against a glass barrier (Fig. 1b). The simulations were conducted using the Implicit 
Dynamic [23] solver. 

 

a) 

5  
b) 

Fig. 1. Research on free-standing glass balustrade: a) experimental test setup, b) numerical model  
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Fig. 2 shows a comparison of the results obtained from laboratory tests (average result for five repetitions) 
and computer simulations for the impact of a pendulum against a glass barrier from a height of 300 mm, measured 
at the strain gauge mounting points. The stresses were calculated based on the standard value of the Young's 
modulus of glass, equal to 70 GPa [9]. In the numerical analyses, very good agreement was obtained regarding the 
maximum values of stresses in the glass; for tensile and compressive stresses, the difference was not greater than 
5%. It should be emphasized that the obtained stresses relate to the strain gauge location. The global principal 
stresses obtained in simulations occur at the edge of the steel fastening and are about 80% higher. 

 
a) 

 
b) 

Fig. 2. Comparison of results obtained from numerical analyses and experiments: a) elastic state, b) post critical state 

This paper was funded by the ongoing research project “Innovative Solution for Point Fixed Laminated Glass 
with Improved Capacity After Glass Fracture” (LIDER/34/0125/L-11/19/NCBR/2020), financed by the National 
Centre for Research and Development (NCBR) within the LIDER XI Program. 
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1. Introduction 

Earthquakes are among the most catastrophic events beyond human control, often leading to the failure and 
deterioration of building structures, which can contribute to a higher number of casualties. Engineers are tasked 
with designing structures according to current standards to ensure resistance to exceptional loads, such as those 
caused by earthquakes. Unfortunately, many buildings constructed in recent centuries lack sufficient anti-seismic 
protection, particularly brick structures. The inertial forces generated by ground movement during an earthquake 
can lead to various damage mechanisms in buildings, which have been extensively described in the world literature 
in recent decades. 

The last major earthquakes in Europe occurred in the Balkans in 2020. Damage to the masonry structures of 
many buildings in Petrinja was characteristic of seismic areas, featuring in-plane and out-of-plane damage modes. 
Croatian engineers proposed solutions for reconstructing damaged gable walls using a technology popular in 
seismic areas—reinforced concrete frames with infills. These structures are based on a reinforced concrete skeleton 
as a load-bearing structure, with the infill wall serving as a non-structural element. 

Post-earthquake inspections reveal that the damage pattern of infills is usually characterized by oblique 
fractures from in-plane shear or out-of-plane collapse, slippage of joints at the connection with the reinforced 
concrete frame, or a combination of these issues [1], leading to the infills falling out of the frames. Generally, non-
structural infill walls are more prone to damage and fail faster compared to reinforced concrete load-bearing 
elements. In some cases, the infills can cause harmful destruction of reinforced concrete columns, and even lead 
to the collapse of the building (the so-called soft-story). Additionally, even in moderate earthquakes, the cost of 
repairing infills is very high, which underscores the urgent need to consider the impact of non-structural filler walls 
on the overall behavior of the structure and to use innovative solutions to protect them from damage during 
repeated strong earthquakes [1]. The main cause of infill failure is the insufficient ability of the rigid elements to 
transmit forces due to the relatively large displacement imposed by the reinforced concrete columns. Stress 
concentrations at the contact points between reinforced concrete elements and filling walls cause damage even at 
very small horizontal drifts, below 0.5% [2]. 

2. Experimental study 

Polyurethane Flexible Joints (PUFJ) and Fiber Reinforced Polyurethanes (FRPU) are designed to secure 
structures in seismic areas. They can simultaneously carry heavy loads and large deformations while dissipating 
energy due to their visco-elastic-plastic properties. Their high efficiency has been verified by experimental tests 
in cyclic push-over tests [2], tests on aseismic tables [3], and harmonic resonance tests [1]. The behavior of PUFJ 
and FRPU in protecting structures has also been analyzed using numerical models [4]. 

Cyclic push-over shear tests were conducted at the ZAG Laboratory in Ljubljana, Slovenia, on reinforced 
concrete frames filled with masonry made of ceramic blocks. Four types of systems shown in Fig. 1 were tested. 
The classic frame connected to the wall with a rigid mortar (Type A) was tested until the wall detached from the 
frame around the entire perimeter (risk of out-of-plane damage). The wall was then reinforced on both sides with 
FRPU (rescue reinforcement) and tested again to the maximum deflection. Type B involved cutting three furrows, 
2 cm wide, on the top and side edges of the wall, which were then filled with injection PUFJ (simulation of wall 
protection in an existing building). In Type C, the inside of the frame was first lined with prefabricated PUFJ of 
2 cm thickness, and then the wall was built (simulation of wall protection in a newly constructed building). 
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Rys. 1. Schemes of the tested reinforced concrete frames with infills: type A (rigid mortar connection) without and with 
FRPU reinforcement (left), type B with injection PUFJ on 3 edges (center), type C with prefabricated PUFJ on 4 edges (right) 

Type B and C frames, with walls fixed using PUFJ joints, demonstrated very high resistance to cyclic loads 
with large horizontal displacements (up to 100 mm) and deflections (up to 4%). They retained the ability to transfer 
vertical and horizontal loads further (reaching the operating range limit of the actuator) without the risk of the infill 
falling out, and their behavior remained ductile. Damage to the corners (Fig. 2a, b) indicates that PUFJ helped 
redistribute stress concentrations. Out-of-plane tests of the damaged Type B and C frames, conducted on a seismic 
table and subjected to dynamic harmonic excitations in resonance (for 10 minutes), did not result in the infills 
falling out of the frame plane (Fig. 2c). 

 
a) 

 
b) 

 
c) 

Rys. 2. Damaged frames after in-plane cyclic shear tests: type A (a), type B (b) and the frame type B after the action of out-
of-plane dynamic harmonic loads in resonance - for 10 minutes (c) 

For comparison, the A-type wall completely detached from the frame at a deflection of 0.5%, with edge 
chipping occurring at 1.6%. There was a risk of the wall falling out of the frame plane. The test was stopped to 
install the FRPU reinforcement. The A-type frame, reinforced with FRPU, showed a significant increase in load 
capacity and ductility compared to the damaged A-type frame without FRPU. Moreover, even with significant 
deflection of the frame after FRPU reinforcement, there was no significant damage that could lead to the wall 
falling out of the frame plane. This was confirmed by visual inspection after a cyclic test, where attempts to remove 
the reinforced wall from the reinforced concrete frame were unsuccessful [8]. 

It should be noted that all filled frames equipped with PUFJ or FRPU systems were able to transfer significant 
amounts of shear forces (190-220 kN), even with very large deflections of the structure (3.5-4.0%) repeated 
cyclically, without losing the bond between the frame and the filling wall. This condition is a design requirement 
according to seismic standards, with Turkey specifying that the structure must be able to safely drift to a level of 
at least 2% [5]. PUFJ and FRPU technologies fulfill these conditions with a significant margin. Furthermore, they 
can dissipate considerable amounts of energy in each cycle while maintaining load capacity. 

Dynamic tests of infills with PUFJ and FRPU were carried out in the laboratory at IZIIS Skopje in North 
Macedonia as part of the H2020 SERA project. A symmetrical building with B and C type walls was tested in four 
phases (Fig. 3). The phases of the test on the seismic table, along with the maximum values recorded during the 
tests, are presented in Table 1. The building was rotated by 90 degrees between Phases II and III. The recorded 
values indicate that the PUFJ joint kept a very badly damaged B-type wall in the plane of the frame with 
accelerations above 1.5 g and a building deflection of 3.7% (significantly above the standard requirements of 2%) 
in Phase I. 



79 

 
a) 

 
b) 

Rys. 3. View of the infills building with PUFJ and FRPU on the seismic table: Phase I - B (in-plane) and C (out-of-plane) (a), 
Phase IV - B_FRPU (out-of-plane) and C_FRPU (in-plane) (b) 

Table 1. Maximum values recorded during tests on a seismic table 

Testing phase 
Infill type 

(excitation direction) 
Table acc. [g] Slab acc. [g] Slab displ. [mm] 

Drift 
[%] 

I 
B (in-plane) 

C (out-of-plane) 
1.64 1.52 88.9 3.7 

II 
B_FRPU (in-plane) 

C (out-of-plane) 
0.39 0.89 38.9 1.6 

III 
B_FRPU (out-of-plane) 

C (in-plane) 
0.35 0.48 16.0 0.7 

IV 
B_FRPU (out-of-plane) 

C_FRPU (in-plane) 
0.95 1.25 21.0 0.9 

In the same phase, the C-type wall resisted out-of-plane forces of the same level without any damage. The 
global stiffness of the tested building degraded to 6% of its initial stiffness, caused by resonance in the 2.5-4.0 Hz 
band, which was dominant during the given scaled Kefallonia 2014 seismic excitation. At the end of Phase I, the 
heavily damaged B-type walls were reinforced with FRPU on both sides, and the Phase II test was repeated to a 
safe level for the building. After rotating the building by 90 degrees, the C-type in-plane walls were tested until 
the bonds in the joints between the blocks in the wall opened during Phase III. After reinforcing the C face with 
FRPU, the tests continued in Phase IV up to the maximum load capacity of the seismic table (limited by the 
actuator's failure). 

After installing FRPU reinforcements and completing tests in all phases, the building maintained its global 
stiffness at 52% of its initial value, despite the presence of plastic hinges at the ends of the reinforced concrete 
columns. This performance was due to the cooperation between PUFJ and FRPU masonry walls. More details can 
be found in [3]. 

The building made with PUFJ and FRPU, which remained in good condition after tests on a seismic table, 
was subjected to dynamic resonance tests with harmonic forces [1]. Despite several minutes of continuous dynamic 
excitations (sweeps) at different set resonant frequencies (totaling over 2 hours of work in resonance) and the 
reduction of global stiffness to approximately 10-15%, the building retained its elastic nature and global stability 
without any signs of the infills falling out from the plane of the RC frames. The only significant damage was the 
cutting of glass fibers in the FRPU composite in the center of the C-type wall. The loss of symmetry in stiffness 
and its significant reduction did not negatively affect the building's seismic resistance. The PUFJ and FRPU 
systems helped maintain the building's integrity until the end of the study. 

The presented research results concerning innovative PUFJ and FRPU systems for fastening infills to RC 
frames have confirmed their high efficiency as permanent anti-seismic protection. A one-time installation of these 
systems can protect property and human life during repeated earthquakes, as confirmed by experts in anti-seismic 
engineering [1, 4]. 
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1. Introduction 

Design documentation of glued-laminated timber roof girders is in many cases very general, does not contain 
details and design solutions, and the contractors do not have experience in the implementation of this type of 
structure [1-2]. Design and execution errors, including those related to glued laminated timber roof girders, not 
only affect the safety and durability of the structure of the facility in which they were built in, but also affect the 
safety of its use [3-4]. The aim of the article is to present the impact of the design and execution errors which 
cumulated after a short period of operation of the sports hall led to its exclusion from use. The article also presents 
the implemented method of strengthening the roof girders in question.  

2. General information 

The building of a sports hall at a secondary school with dimensions in the horizontal projection of ~ 2030 
m (construction axis spacing) was used to conduct physical education classes and extracurricular sports activities. 
The roof structure consisted of GL28h glued laminated timber roof girders, spaced every 6.00 m. Longitudinal 

purlins (1232 cm) made of glued laminated timber were attached to the roof girders, at the level of the upper 
edge. The purlins are supported on the girders with the use of galvanized steel tables fastened with screws to the 

side surfaces of each girder. On the purlins, parallel to the roof girders, rafters with a cross-section of 612 cm 
with a spacing of ~100 cm were placed. From the bottom, directly to the rafters, with the help of additional battens, 
1 cm thick soffit boards were fixed with nails (so-called upholstery nails), the direction of which was laid parallel 
to the roof girders. Along the purlins and along the roof girders, the edges of the soffit planks are masked with 
battens measuring ~ 1,0×1,5 cm (the so-called quarter round). 

3. Description of the damage to the girders 

The roof girders made of glued laminated timber exhibited cracks occurring both between the layers of glued 
lamellas (board delamination) and within their thickness (splitting of the wood along the fibers). Diagonal cracks 
in individual wooden lamellas were also visible on the side planes (on both sides). The extent of damage to all roof 
girders was very similar, effectively identical, for both girders loaded with the steel structure of basketball baskets 
and for unloaded ("clean") girders. 

The steel elements of the fastening (gusset plates) of the basketball backboard support structure were 
deformed at the points of contact with the side surfaces of the roof girders, and there was no adhesion of the sheets 
to the girder planes (the so-called leverage effect was observed). Additionally, the snake plates used for attaching 
the roof braces to the girders were deformed. The soffit boards, across the entire projection area of the sports hall, 
showed loosening at the points of attachment with nails and had slid from the quarter-round slats onto the floor. 
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4. Analysis of the existing condition of roof girders 

Influence of constructional and material solutions 

The load lists in both the construction design and the detailed design do not account for the weight and impact 
of the fastening (in the form of concentrated forces, bending, and torsional moments) of mobile basketball 
backboards. The summary only includes the value of a uniformly distributed technological load of 0.20 kN/m², 
without any additional comments. 

The verification calculations were made for two operational situations: 

 Variant I - girder in an undamaged condition, 
 Variant II - girder in a weakened state (with delamination). 

The calculations for the roof girders were made for the "clean" girder, i.e., not loaded with the weight of the 
cage supporting structure (Case 1), and for the case when the girder is suspended from the supporting structure 
(Case 2). 

During the inspection, attempts were made to lower and raise the baskets (basketball backboards). It took 
more than 1 minute to raise/lower the basket. The results of the observations led to the conclusion that the 
movement of the cage is slow and does not cause visible twisting of the roof girder. Both during the initiation and 
completion of lowering, as well as during the initiation and completion of lifting, there was no sudden jerk (impact) 
phenomenon transferred to the glued timber roof girders. Due to the relatively long time of lowering/lifting the 
plate, which was over 1 minute, dynamic effects were ignored, and a detailed analysis (the spar's dynamic response 
to impact) was not performed, treating it as insignificant. 

Based on the analysis of the obtained calculation results, it was found that for Case 1, i.e., the intact girder 
(Variant I), it did not meet the Ultimate Limit State (ULS) conditions. In particular, attention should be paid to 
exceeding, in the middle of the span, the permissible tensile stresses perpendicular to the fibers by 180%. The 
girder also did not meet the Serviceability Limit State (SLS) condition due to permissible deflections being 
exceeded by over 200%. 

In the weakened state (after delamination) (Variant II), the spar did not meet the load capacity (ULS) and 
deflection (SLS) conditions and required reinforcement due to bending and local pressure. In particular, attention 
should be paid to exceeding, in the middle of the span, the permissible tensile stresses perpendicular to the fibers 
by ~60% and the permissible deflections by over 330%. 

Based on the analysis of the obtained calculation results, it was found that for Case 2, i.e., the intact girder 
(Variant I), it did not meet the Ultimate Limit State (ULS) conditions. In particular, attention should be paid to 
exceeding, in the middle of the span, the permissible tensile stresses perpendicular to the fibers by 185%. The 
girder also did not meet the Serviceability Limit State (SLS) condition due to permissible deflections being 
exceeded by ~220%. 

In the weakened state (after delamination) (Variant II), the spar did not meet the load capacity (ULS) and 
deflection (SLS) conditions and required reinforcement due to bending and local pressure. In particular, attention 
should be paid to exceeding, in the middle of the span, the permissible tensile stresses perpendicular to the fibers 
by ~68% and the permissible deflections by ~350%. 

Influence of soil and water conditions 

There was no visible damage to the outer walls of the sports hall that could indicate overloading or uneven 
settlement of the foundations. 

The influence of trees and vegetation 

There were no grounds to conclude that the root system of the stand contributed to the damage of the glued 
timber roof girders and the wooden soffit by damaging the foundations of the sports hall. Additionally, there was 
no evidence that the roots of the stand contributed to the disturbance of soil and water conditions in the area 
adjacent to the sports hall. 
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Influence of communication interactions 

No perceptible ground vibrations were found around the sports hall building, and no damage to the hall walls 
caused by ground vibrations was observed. 

5. The method of repairing roof girders 

Three conceptual solutions for the reinforcement of the girders were considered: using double-sided 
waterproof plywood overlays, vertical steel flat bars, and an additional brace at the level of the lower fibers of the 
roof girder. 

Ultimately, considering the economic (cost of repair work) and organizational conditions (time, simplicity, 
ease of execution), the decision was made to reinforce the girders by introducing additional steel flat bars fixed on 
both sides of the roof girders. All roofing girders made of glued laminated timber, arranged in axes 2, 3, 4, 5, and 
6, were reinforced. Each girder was reinforced with 80x3 mm steel flat bars, with lengths ranging from 1150 to 
1850 mm. The flat bars were attached to the girders with steel wood screws, Ø10 mm and 140 mm long. 

As part of the renovation works, the wooden soffit was rebuilt: the boards were attached with screws (Ø8 mm 
and 60 mm long) to the wooden battens and rafters. Loose upholstery nails were removed and replaced with screws; 
in other cases, a screw was installed next to the nail, ensuring a minimum distance from the free edges to prevent 
fiber splitting. 

After completing the reinforcement of the roof girders and the repair of the soffit, the tension of the roof bar 
braces was checked and adjusted (clearances on turnbuckles were tightened). It was recommended to regularly 
clear the roof of residual snow, avoiding the unacceptable accumulation of snow in piles, known as snow bags, on 
the roof slope. Additionally, it was advised to check the ventilation system and constantly monitor the air humidity 
in the sports hall. The recommended air humidity level is between 50% and 60%, and it should not exceed 80%, 
at which point the exhaust fans should be activated. 

6. Conclusions 

The direct causes of damage, in the form of scratches and cracks visible on the vertical surfaces of roof girders 
made of glued wood and deformation of the plane of the wooden soffit, were design errors and manufacturing 
errors. The design errors included: omission of the weight of the hall equipment elements attached directly to the 
wooden girders and the method of their assembly, and the use of girders with insufficient load-bearing capacity. 
The manufacturing errors included: uncritical implementation of the project with significant deficiencies, the use 
of ceiling strips with dimensions too small for their transverse loads, and the use of round nails to attach the soffit 
boards to the grid of wooden laths. 
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1. Introduction 

Scratches and cracks in building elements are a visible symptom of damage to the building structure, and the 
Analysis of the shape, direction, and course of scratches, along with their location and behavior over time, provides 
clues in determining the causes of deformation in the building structure [1-4]. Scratches may indicate excessive 
strain on the structure, resulting from masonry deformations caused by external or internal influences [5]. Often, 
the formation of scratches is related to foundation issues, such as heterogeneity of the substrate, uneven soil 
settlement, substrate instability, soil movements, high-grade soils, and changes in water conditions in the soil [6]. 

On the slope descending towards the river Nysa, in the town of Gubin, there is a free-standing, two-story 
building with a basement constructed using traditional techniques. Built at the beginning of the 20th century, the 
building originally served as a residence for the owner of one of the Gubin factories and is currently used as an 
office building [7]. The villa, featuring Art Nouveau ornamentation, is set on an irregular, elongated rectangle. 
The plan is further diversified with risalits in the front elevation (south-western) and the side elevation (south-
eastern), as well as a veranda annex on the northern side. 

The south-west and south-east elevations are richly decorated with architectural details. These elevations are 
divided with cordon cornices and segmented with a risalit topped with a triangular gable. The tympanum features 
floral decorations, fanciful heraldic shields, and an owl figure. The corners are accented with rusticated pilasters. 
In the lower part of the elevation, at the basement and ground floor levels, there is rustication. The ground floor 
window openings and the door portal are embellished with profiled frames with keystones richly decorated with 
floral motifs. The first-floor window openings are framed by pilasters and topped with segmented pediments filled 
with ornamental decoration [8]. 

The foundations of the building consist of brick footings measuring 55 x 150 cm with a 6 cm (1/4 brick) 
offset, made of solid brick class 7.5-10, set in lime mortar. The depth of the bench foundation ranges from 
approximately 2.7 m to 3.6 m below ground level.  

External and internal walls are made of burnt solid brick of class 7.5-10, also set in lime mortar, and plastered 
on both sides. The thickness of the external walls is 43 cm (1.5 bricks with plaster), and the thickness of the internal 
walls varies from 43 cm (1.5 bricks with plaster) to 9 cm (1/2 brick with plaster). 

The basement ceilings are constructed as fragmentary ceramic vaults of the Klein type light on steel beams: 
I 260, I 240, I 200, and I 160, with an average spacing of 1.5 m. The vault on the ground floor is a two-span cross 
vault supported on Ionic pilasters. Other ground floor rooms are covered with a wooden ceiling with a blind ceiling. 
The ceiling joists measure 18 x 26 cm in section and are spaced 80 cm apart. A fragment of the original floor made 
of colorful, textured terracotta tiles has been preserved in the hallway. The basement has a concrete floor, while 
the ground floor and other floors have wooden floors. 

The internal staircase between the stories is made of wooden stringers, with broken steps and a wooden 
balustrade. The structure of the internal stairs between the basement and the ground floor is a brick arch supported 
on a steel substructure and foundation. The main entrance is preceded by a straight flight of concrete stairs framed 
by a stepped plaster wall. 

The roof is of wooden construction, covered with tar paper, and features a purlin and plywood roof truss with 
two pine lumber walls. Thermal insulation consists of 10 cm thick mineral wool, and the attic is finished with 1.25 
cm thick plasterboard. There is a skylight in the middle of the roof slope. Gutters and downpipes are made of 
galvanized steel sheet. 
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Lintels are constructed as segmental brick arches, basket arches (with a decorative keystone), and flat arches 
made of steel sections. On the ground floor and upper stories, there are double and tripartite box windows with 
fanlights, wooden and PVC joinery, and wooden window sills. In the basements, there are wooden single glazed 
frames. The building also features wooden panel doors. 

  

Fig. 1. Secession villa in Gubin 

2. Damage inventory 

Two vertical cracks are visible on the north-west wall, with the cracks spreading up to 20 mm. The first crack 
runs approximately 4 meters from the north-west corner along the window axis, extending from the foundations 
up to the roof eaves. This crack spans the entire thickness of the wall and is also visible inside the building. The 
second vertical crack runs in the middle of the building from the foundations to the ridge. This crack is also 
structural, spanning the entire thickness of the wall [9]. 

Two vertical structural cracks are also visible on the south-east elevation. They run along both sides of the 
ground floor window opening in the risalit part of the building and continue upstairs along the windows. On the 
ground floor, the cracks run along the edges of the cellar windows. 

 
a) 

 
b) 

Fig. 3. Fragment of vertical cracks a) on both sides of the ground floor window opening ,b) to the eaves on the 
south-east elevation 

Excavations of the foundations of the central part of the north-west wall have been carried out. There is a 
vertical structural crack in the foundation wall and subsequently in the foundation, which is an extension of the 
visible vertical crack in the wall running from ground level to the eaves. In addition, surface dampness from 
rainwater was found. It must be assumed that the foundation cracks extend along the same lines as the cracks on 
both the northwest and southeast walls. 



86 

3. Failure cause analysis 

The building is situated on a slope descending from the north-east direction down towards the road. The 
cracks visible on the north-west and south-east walls are caused by parts of the building moving down the slope 
in the south-west direction. 

 

Fig. 5. Direction of building displacement 

The analysis of geological cross-sections presented in the geotechnical documentation of the building shows 
that under the foundations, at a depth of approximately 4 meters below ground level, there is a thin (approximately 
0.5 meters thick) layer of sandy clay [10]. This layer runs parallel to the slope of the ground in this location. Above 
it are fine sands, and below it are fine and coarse sands. This geological arrangement causes a slow sliding of the 
building along with the soil above the clay layer under the influence of the building's pressure in wet conditions. 
As a result of these movements, clear structural cracks and fissures have appeared on both façades parallel to the 
direction of the slope, providing evidence of the building's movement. The basement floors also show cracks across 
the building between the northwest and southeast walls. 

Uneven displacement can lead to a building disaster. The brick structure of the walls and foundations, the 
lack of reinforcement rims, and the unstable ground result in the building having little rigidity. As the front part of 
the building slowly slides down along with the slope, the side walls and ceilings between these walls crack. 

4. Summary 

The technical condition of the walls and foundations is unsatisfactory and may lead to a building catastrophe 
in the future. The geotechnical conditions of the ground substrate are the cause of significant scratches on the 
building. 

The scratches appearing in the north-western and south-eastern walls indicate progressing uneven horizontal 
displacements of the building. These movements are unstable over time due to the complex ground and water 
conditions. Sandy loams are present in the subsoil (in the southern and south-western part of the building) below 
the foundation level, lying parallel to the slope of the terrain. The cracking that develops over time may lead to a 
collapse of the floor beams, thus resulting in a building disaster. 
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1. Introduction 

Based on the data provided by the Central Statistical Office in 2018, in Poland, construction accidents resulted 
in 5,247 people being injured, 48 fatalities, and 85 individuals sustaining grievous bodily injuries [1]. The subject 
of researching the causes and preventing accidents has been repeatedly mentioned in the literature both in Poland 
[2] and worldwide over the last few years [3]. Stricter occupational safety regulations have resulted in a reduction 
in the number of accidents in Poland, but the number of people injured in accidents is still high.  

In most cases, construction scaffolding work is carried out outdoors, often in dynamically changing climates. 
Unfavorable environmental conditions—such as high or low air temperatures, precipitation, and strong 
winds-significantly hinder the execution of work and may contribute to accidents. Research has shown that 
accidents are influenced by air temperature and humidity [4]. Most accident reports lack information about the 
weather. Out of 47 analyzed protocols in the Lodz Voivodeship, only one report contained information about 
strong winds, and one mentioned snowfall. This may indicate a lack of awareness of the influence of external 
environmental conditions on the occurrence of accidents. 

2. Materials and methods  

The article analyzes 47 inspection reports made between 2011 and 2017 in the Lodz Voivodeship. These 
reports were provided by the National Labor Inspectorate for the research project [5]. All sensitive data (e.g., the 
name and surname of the victim, the name of the company where the accident took place, etc.) were deleted. 
A total of 51 people were injured in these accidents. For accidents in which more than one person was injured 
(4 accidents), calculations were done as if these were separate events. Four people had accidents inside the 
building; therefore, these accidents were not included. 

Data from meteorological stations used in the article were obtained from the National Institute of Meteorology 
and Water Management - National Research Institute (IMWM-PIB). Data were collected from the synoptic station 
closest to the accident site. Based on the collected data, the air temperature was analyzed over the time 
corresponding to the time of the accident. Publicly available data are given with information on the hour and refer 
to average 10-minute values measured during the last 10 minutes of each hour. For accidents occurring on the 
hour, the air temperature at the time of the accident was taken from the weather station at the same time. For 
accidents occurring at other times, the temperature was calculated by linear interpolation. For the five cases in 
which data on the time of the accident were missing, it was assumed that the accident occurred at 12 p.m. 

Table 1. Ranges of air temperatures and the corresponding types of days 

Air temperature [oC] Types of days 

> + 30 a very hot day 
+ 25.0 – + 29.9 a hot day 
+ 20.0 – + 24.9 a very warm day 
+ 15.0 – + 19.9 a warm day 
+ 10.0 – + 14.9 a chilly day 

0.0 – + 9.9 a cold day 
- 0.1 – - 10.0 a frosty day 

< - 10.0 a very cold day 
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The approximate assessment of thermal conditions was determined based on the air temperature at the day 
and time of the accident. For an employee, working conditions are uncomfortable when there is very high or very 
low air temperature. The ranges of the maximum air temperature on a given day and the corresponding days are 
presented in Table 1 [6]. 

3. Results and discussion 

Analyzing the obtained data, the lowest air temperature, -3.0 °C, was recorded during an accident in Lodz in 
February 2012. An employee fell from the scaffolding to the floor from a height of about 6 meters after tripping 
over a Euro-pallet lying on the scaffolding platform. As a result of the fall, the employee sustained serious bodily 
injury. There was no information about the weather during the accident in the accident report. The highest air 
temperature, 28.5 °C, was recorded during an accident in Ostrow in July 2015. A worker fell from the scaffolding 
to the ground from a height of approximately 3 meters after losing balance on an incomplete working platform. 
As a result of the fall, the employee suffered minor bodily injuries. There was no information about the weather 
during the accident in the accident report. Research has shown that the number of accidents depends both on the 
season and the consequences of the accident [7,8]. 

Table 2 presents the number of injured people in relation to the seasons and the consequences of the accidents. 
The lowest number of injured people was registered in autumn (4 accidents), while the highest numbers were in 
summer (19 accidents) and winter (13 accidents). This may suggest that air temperature may also have contributed 
to incidents resulting in accidents. Both high and low temperatures adversely affect the comfort of work, 
contributing to situations that could cause an accident. Minor bodily injuries most often occurred during accidents 
in spring and summer, grievous bodily injuries in summer, and fatalities in autumn and winter. 

Table 2. Number of people injured, broken down by seasons and the result of the accident 

Seasons Consequence of the accident Number of people injured 

winter 
minor bodily injury 2 

grievous bodily injury 9 
death of an employee 2 

spring 
minor bodily injury 5 

grievous bodily injury 6 
death of an employee 1 

summer 
minor bodily injury 6 

grievous bodily injury 12 
death of an employee 0 

autumn 
minor bodily injury 2 

grievous bodily injury 0 
death of an employee 2 

Figure 1 shows the histograms of the volume of a given air temperature for all 47 events, broken down into 
temperature ranges corresponding to the days included in Table 1.  

By analyzing the obtained histograms, one can notice differences in the number of accidents depending on 
the air temperature. Most accidents occur in the temperature range from 0 °C to 9.9 °C, which corresponds to a 
cold day, and in the range from 20 °C to 24.9 °C, which corresponds to a very warm day.  

This data suggests that extreme temperatures, both cold and very warm, may contribute to an increased 
number of accidents. These conditions likely affect worker comfort and safety, leading to a higher likelihood of 
incidents. 

Research has shown that the air temperature on scaffoldings, which are most often placed at the facade of 
buildings, may be higher than at the weather station [9]. In built-up areas of cities, "heat islands" are observed, 
where the air temperature is often higher, especially in the summer. Weather stations are typically located on the 
outskirts of cities, outside densely built-up areas, most often at airports. 
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Fig. 1. Histogram of air temperature distribution during accidents, broken down by ranges of temperatures corresponding to 
the types of days 

The dependence, calculated based on tests considering the difference between the air temperature at the 
meteorological station in Lodz and the temperature on scaffoldings tested in the Lodz Voivodeship, is defined by 
the equation: 

𝑦 = 0.8706𝑥 − 16749 (1) 

Based on this equation, an air temperature of 20 °C at the weather station corresponds to a temperature of 
24.9 °C on a scaffolding. Therefore, the thermal sensation of the worker on the scaffolding will be shifted one 
level up. 

This information is crucial as it indicates that workers on scaffoldings experience higher temperatures than 
those recorded at weather stations, which may affect their comfort and safety, potentially leading to an increased 
number of accidents. 

4. Conclusions 

The analysis of 47 accidents on scaffolding showed that air temperature may contribute to the occurrence of 
accidents. The lowest number of accidents was recorded in autumn, while the highest number occurred in summer, 
with 18 people injured. The number of accidents in summer is 4.5 times higher than in autumn. Strenuous physical 
activity combined with high temperatures and insolation may cause a reduction in concentration, consequently 
contributing to situations that may result in accidents. Additionally, working at height means that accidents at 
higher temperatures can more often result in severe bodily injuries. A significant number of accidents were also 
observed in winter. Low air temperatures may, in extreme cases, cause icing on scaffolding platforms, contributing 
to accidents. As a result of global warming, we will record both higher air temperatures and an increasing number 
of days with high temperatures. 

Therefore, when assessing the risk of accidents, we should pay attention to environmental conditions. It would 
be beneficial if accident reports included information on the environmental conditions in which the accident 
occurred, such as air temperature, humidity, pressure, wind speed, or the type of rainfall if any occurred. 

The paper was prepared as part of the project supported by the National Centre for Research and Development 
within the Applied Research Programme (agreement No. PBS3/A2/19/2015 “Modelling of Risk Assessment of 
Construction Disasters. Accidents and Dangerous Incidents at Workplaces Using Scaffoldings”). 
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1. Introduction 

The article discusses a case of damage to an atypical floor structure caused by the differential settlement of 
layers of organic and man-made fill soil accumulated in the ground to a depth of several meters, as well as the 
method for its repair. 

2. Description of the facility and floor structure 

The hall in question, measuring approximately 31x43 meters and 14 meters in height, is a single-story 
building without a basement. The load-bearing pillars are made of reinforced concrete, and the roof structure 
comprises a lattice of steel trusses. The load-bearing structure of the facility has been founded on caps and large 
diameter piles. It is a single-zone facility built over with mobile racks (Fig. 1a) and stationary racks. 

 
a) 

 
b) 

Fig. 1. View of: a) mobile racks and cracks on the warehouse floor surface, b) cross-section of the floor structure 

The floor structure was designed specifically for the use of mobile racks. Its top layer consists of a 20 cm 
thick reinforced concrete slab, reinforced at both the top and bottom, and supported on a reinforced concrete grid 
that is 50 cm high and 80 cm wide (Fig. 1b). The spacing of the main beams of the grid, corresponding to the width 
of the axles of the racks, is 2.8 m and 3.7 m. Transverse beams of the grid measure 50x50 cm and are spaced every 
6 m. The entire structure is made of C25/30 concrete. Additional encasing made of low-resistance concrete (C8/10, 
Fig. 1b) was designed under the grid and on its sides. The racks move on steel rails measuring approximately 39.7 
m in length. The loading with the rack bogeys is approximately 174 kN/mb for the middle rail and approximately 
87 kN/mb for the side rail. 

3. Damage of the structure of the floor 

From the beginning of the facility’s operation, differential settlement of the floor and rails of the mobile racks 
was observed. This resulted in floor cracking and self-movement of the racks. By 2019, cracking had occurred on 
the surface of almost the entire hall, with the distribution of cracks being irregular. 

The analysis of the results of geodetic measurements shows that in the first two years of the floor's use 
(2008-2010), the greatest settlement values of 20 mm were recorded for rail no. 5 (blue graphs – Fig. 2). Over the 
next 9 years, these settlements increased by another 20 mm (red graphs – Fig. 2). Settlement for the remaining 
beams was similar, approximately 25–40 mm. The settlement distribution along the rails’ length was irregular 
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(Fig. 2), resulting in rail inclinations of up to 8 mm/m. Additionally, local inclinations of the floor perpendicular 
to the rails measured up to 16 mm/m. 

Excavation revealed that the floor slab lacked the intended top and bottom reinforcement, having only 
dispersed reinforcement instead. Furthermore, the main beam of the grid was not covered with concrete, and a 10 
cm layer of concrete was placed under the slab. Analysis during the excavation further demonstrated that the bent 
main beam of the grid was not cracked and was in contact with the soil along its entire base. 

 

Fig. 2. Plots of warehouse floor (steel rails) settlement 

4. Soil and water conditions 

As a result of the conducted testing within the hall, it was determined that the substrate consisted of four main 
groups of soils characterized by different strengths and stiffness. The first group, identified from the ground level 
to a depth of 2.2–3.4 meters, consisted of compacted construction embankments and loose non-construction 
embankments of various granulations. The second group comprised fluvioglacial soils, including cohesive and 
organic soils, accumulated to a depth of approximately 4.4–5.7 meters below ground level. These included peats, 
firm alluvial silt, and stiff and firm clays with silt and humus additions. Below this layer, to a depth of 
approximately 11.2 meters BGL (below ground level), were medium dense gravels and sands with gravels, with 
the addition of cobbles and clay (third group), lined with soft rock in the form of clay shale (fourth group). 

During drilling in the gravel and silt layers at a depth of approximately 4.4–5.4 meters BGL, the presence of 
groundwater with a confined water table was confirmed, stabilized at a depth of 2.7–3.3 meters BGL. 

The geotechnical documentation proposed deep foundation (e.g., piles) on the gravel layers, or alternatively 
the replacement of the low resistance and rigidity soil accumulated to a depth of approximately 4.4–5.7 meters 
BGL. These recommendations were partially implemented. The structure of the building was founded on 
8.0-meter-long piles based on medium dense gravels and sands with gravels, whereas the floor layers relied solely 
on the partial replacement of the soil. 

5. Analysis of the causes for the damage 

In order to confirm the influence of soil and water conditions on the observed settlement of the floor structure, 
a numerical spatial analysis was carried out using the finite element method in the Z_Soil software (Fig. 3a). 
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a) 

 
b) 

Fig. 3. Numerical (FEM) model : a) main view, b) maps of vertical settlement 

The analysis included all stages of construction. An elastic perfectly plastic model with a Coulomb-Mohr 
boundary surface and non-associated flow rule was adopted as a material model for the continuous elements, i.e., 
native soil layers and embankment layers. The reinforced concrete and concrete elements were modeled as linear 
elastic. The soil and water conditions, as well as some of the constitutive model parameters, were selected based 
on geotechnical documentation. 

Since the documentation did not provide parameters for the layers of non-construction embankments as well 
as the layers of peats and silts, these parameters were determined through back analysis. The basis for this analysis 
was the observed floor settlement. The parameter selection criterion was to obtain calculated settlements similar 
to the actual settlement values. Numerical analysis showed that compliance with the settlement (Fig. 3b) was 
achieved for peat layers with a modulus of elasticity of approximately 1 MPa and for non-construction 
embankments with a modulus of elasticity of approximately 3 MPa. This analysis proved the influence of organic 
soil layers on the damage. 

6. Repair and renovation 

It was decided to improve the low rigidity layers by using drilled micropiles, due to the limited space available 
during repair work. The plan involved constructing perpendicular steel beams supported by a pair of micropiles 
(one at each end of the steel beam) under the reinforced concrete grid. These beams would be spaced along the 
length of the grid according to the grid loads, and actuators would be introduced between the beams and the grid 
to enable leveling of the structure. Subsequently, construction embankments and a floor slab would be executed. 

Micropile calculations were conducted in two stages. Firstly, the micropile load-bearing capacity was 
determined in accordance with the guidelines provided in the Titan design guide book [2] and the PN-EN 1997-1 
standard [3]. Secondly, the system settlement was checked using a calibrated, spatial numerical model in the Z-
Soil software. The steel beam cross-section was determined in accordance with the PN-EN 1993 standard [4], and 
the verification of the reinforced concrete beam was conducted in accordance with the PN-EN 1992-1:2008 
standard [5]. 

Calculations of the load-bearing capacity of the reinforcement showed that with micropiles 300 mm wide and 
9 m long, the transverse spacing of the micropiles would be 1.5 m, and the longitudinal spacing would be 3.0 m 
for middle rails and 6 m for side rails. The micropile reinforcement would be provided in the form of single steel 
bars with a 40/16 mm cross-section. The steel beam would consist of two HEB220 H sections. Despite the change 
in the static scheme of the reinforced concrete grid, the original design of the cross-section with a new floor slab 
would transfer the stress forming within the grid. 
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Abstract: In the article, various geotechnical and geophysical surveys are described, which led to a discovery of potential causes of a 
structural failure at historical Castle of Dukes of Pemerania in Szczecin. The Castle became famous after the failure, which occured 
on 11th of May 2017. The failure was very sudden, lasting just few seconds. Its occurence was registered by the surveillance cameras, 
with a sudden collapse of a column. The rooms in which the failure occured are adjacent to a staircase (as well as the entrance B and 
C) of the northern wind of the Castle. In the central part of each room, i.e. in the basement, as well as at the ground, first and second 
floors, a massive column supporting the ceilling of a given level was located. Investigation conducted after the collapse indicated that 
the pillar has dropped down by one level, without rotating, while the basement part collapsed under the ground. Most of the rubble 
fallen down into the basement, which became partially buried and not accessible for a time. A significant inclination of the bottom of 
the cavity towards western direction and a niche inside, probably of antropogenic origin, were documented. Fortunately, besides the 
material losses, there were no casulties. However, this event started a three-year long investigation into the causes of the failure. It also 
aimed to answer a question whether the rest of the structure founded on the Castle hill is safe. 

1. Methods of geophisical and geotechnical investigation 

The described mode of failure (collapse of the columns at a significant depth) and the conclusions of experts 
suggested, despite a large number of tests conducted so far, the possibility of the existence of some structures or 
openings in the ground under the Castle [1], [2]. These speculations were based on the number of anomalies 
registered in geophysical tests, which were compared to maps of planned bunkers from wartime. Despite numerous 
boreholes, this hypothesis could not be confirmed directly. Additionally, historical conditions and numerous 
renovations of the Castle added erroneous clues. 

To minimize the risk associated with conducting construction works related to renovation, the Castle 
administration decided to conduct additional geotechnical and geophysical investigations. The first tests 
(boreholes) were conducted in May 2020 to fulfill the recommendations of an expert opinion [1], which stated the 
need to verify the ground conditions along the line between the failure location and a collapsed cavity that occurred 
in the 1970s on the northern terrace. A cavity was found along the borehole, at a depth between 12.5 m to 16.0 m 
below ground level (b.g.l.) [3]. 

This discovery justified the need for conducting additional works related to the investigation of the conditions. 
Additional tests were conducted in July 2020 [3] and September 2020 [4]. These tests aimed to detect or exclude 
underground cavities that might have influenced the failure of the column in the northern wing of the Castle. As 
part of both stages of the investigation, a total of 30 boreholes and 30 dynamic soundings were executed, up to a 
maximum depth of 19.5 m b.g.l., with a total length of approximately 475 m for the boreholes and approximately 
345 m for the dynamic soundings. The tests were planned in the locations of anomalies noticed in the geophysical 
investigation. 

The scope of the geophysical investigation included 36 ERT profiles, with a total length of over 3000 m. The 
assumed methodology included spacing of 2 m, 1 m, and 5 m for the electrodes, using a measuring system of 
4x21 and 2x21, which resulted in high accuracy and investigation up to 15-17 m b.g.l., depending on the length of 
the profile. In terms of SRT seismic profiling, a total of 44 profiles were conducted with a total length of 
approximately 2400 m, mostly in the area of the Castle’s courtyard. The tests were conducted using a parallel 
system of profiles every 1 m, with geophones spaced every 2 m. This allowed for obtaining a prospection up to 
approximately 20 m b.g.l. [5]. 
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2. Results 

Geophysical (ERT and SRT profiles) and geotechnical (boreholes and soundings) tests executed methodically 
and comprehensively (successive ground profiling with verification of encountered anomalies) revealed the 
existence of previously unknown underground structures (tunnels, bunkers) from the times of German Szczecin, 
under the Castle hill. In several boreholes at depths of approximately 15.4-17.3 m b.g.l. (8.4-6.5 m a.s.l.), the 
presence of these structures was confirmed. Using an inspection camera, their type and state were documented 
through photos and videos. 

The obtained distributions of electrical resistivity of the ground were highly disturbed due to the presence of 
technical infrastructure (electrical cables), a few meters thick fill layer, and underground structures (reinforced 
concrete tunnels constructed for shelter). In the ERT_3 profile, a noticeable vertical boundary between zones of 
low (<50 Ωm) and high (>200 Ωm) electrical resistivities at the distance of 70 m was present. This boundary 
resulted from the strong shielding of the tunnel structure—reinforced precast concrete. This was an important 
discovery (confirmed by the borehole) from the point of view of further research. 

A borehole (9ITB) performed in this area showed a void in the ground at a depth of approximately 
15.4-17.3 m b.g.l. After inserting the camera into the hole, it was found that the drilled cavern was a fragment of 
reinforced concrete tunnels—German shelters from the World War II period. Similar to the boundary described 
earlier, the boundary between the anomalies was also encountered in the ERT_3 profile along a length of 50 meters. 
A borehole (12ITB) made in this place showed the presence of a collapsed corridor of the shelter. This was also 
confirmed in the SRT profile (Fig. 1). A detailed description of these discoveries, along with the documentation 
of the identified tunnels, is included in the investigation reports [3], [4]. Most of the underground corridors were 
constructed using the mining method with prefabricated reinforced concrete slabs and beams, measuring 
approximately 1.9 m high and 1.5 m wide, with local widening and narrowing of the tunnels. By analyzing the 
type of structure and comparing it with known objects of this type in Szczecin, these tunnels were identified as 
German tunnels from World War II, serving as shelters (Fig. 2a). 

 

Fig. 1. An example of a 3D visualization of geophysical test results (spatial representation of resistance for a value of 140 m), 
a visible profile along the northern slope, which describes anomalies indicating the course of tunnels and one of the exits 

from the shelter on the east side of the slope [3]. 

At the site where the existence of the tunnel network was first confirmed (borehole 9 ITB - marked with an 
orange arrow in Fig. 2b), a detailed camera inspection revealed the presence of an intersection from which three 
corridors depart in mutually perpendicular directions (north, west, south). This discovery demonstrates that the 
previously discovered cavern in the area of the sinkhole from the 1970s (marked with a blue arrow in Fig. 2b) is 
closely related to the course in the vicinity of these tunnels. These objects, located at the base of the Castle hill, 
due to the nature of their structure (the use of a temporary casing made of bricks before the execution of the 
reinforced concrete structure—with the disturbed ground zone around) and the conditions related to their 
implementation (numerous leaks, especially at the unfinished stages, voids at the face), constitute drainage points 
and privileged groundwater flow directions. These conditions have led to the formation of local voids and erosive 
cavities along the tunnel structure, as confirmed by numerous inspections. 
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a) 

 
b) 

Fig. 3 a) left: the view of the face of the unfinished tunnel under the courtyard (behind the green arrow according to Fig. 3b) 
– you can see the inflows, b) in the foreground next to (right) the established inventory of tunnels  on the basis of direct 
exploration [7] – the red arrow indicates the site of the disaster and the collapse within the brick tunnel. The others are 

explained in the text. 

The investigation conducted within the courtyard aimed to confirm or exclude the existence of the structure 
according to historical plans (an underground shelter for nearly 1500 people). Analysis of the results of the 
distribution of seismic wave velocities at a depth of approximately 16 m below ground level (the approximate 
depth of the detected tunnel location from earlier drillings) revealed two linear zones of reduced velocities, similar 
to the hypothetical tunnels depicted in the archival German plans. However, verification of these zones through 
drilling and dynamic probing (DPM, DPSH) indicated that these anomalies resulted from the lithological 
heterogeneity of the native soil, particularly the presence of highly water-bearing sandy layers of lower density. 
Thus, besides the fragment in the area of the 16ITB borehole (marked with a green arrow in Fig. 2), the existence 
of other underground structures in the ground under the courtyards was not confirmed. Additional studies in the 
courtyard also supported earlier findings, indicating the complex nature of the first groundwater level within the 
Castle Hill, characterized by sandy lenses at different depths, with confined water, which could influence the 
analysis of the causes of the disaster. 

3. Summary 

The historical background of a building significantly influences the variability of geotechnical conditions. 
Changes in structural systems, functions, or architectural elements over time can alter ground and water conditions. 
Cultural or historical layers, such as fill grounds around the structure, can accumulate and change rainwater flow 
patterns, leading to uneven subsidence. Additionally, historical events like fires, war devastation, and bombings 
can cause damage to monuments. In the case of the facility under discussion, military operations, including the 
construction of underground shelters, also negatively impacted the structure, contributing to structural failure. 
However, this facilitated the verification of legends and assumptions regarding the existence of underground 
structures, which could be confirmed through well-planned geophysical and geotechnical surveys. 
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1. Introduction 

Mining exploitation often leads to displacement of rock mass elements, resulting in continuous surface 
deformation. These deformations, such as subsidence troughs, can extend well beyond the exploited field [1]. The 
article discusses a case involving the impact of terrain deformation, specifically horizontal compressive strains, on 
a tennis courts complex. 

The area where the complex is situated has undergone multiple mining exploitations. When assessing the 
cause-and-effect relationship between the damage to the complex and mining activities, it's crucial to consider the 
overlapping impacts from underground mining operations conducted before, during, and after its 
construction in 2016. 

2. Mining conditions 

The mining exploitation conducted from 2015 to 2019 resulted in continuous surface deformations, primarily 
in the form of mining depression troughs. Forecasted total values of indicators were generated to assess the extent 
of these deformations: 

 resultant slope of the terrain: T = 6.9‰; 
 horizontal deformation: ε = 5.8‰; 
 terrain curvature radius: R = 16.4km. 

The court complex area was classified as the 3rd category of mining area deformation [2] due to the terrain 
slope T and horizontal deformations ε. This classification indicated that the area was significantly affected by 
mining-induced deformations. The analysis revealed that the complex was unfavorably positioned, as it was 
subjected to continuous deformations caused by both ongoing and past mining activities [3]. Additionally, the 
presence of an exploitation edge under the plot further contributed to the adverse conditions. 

Moreover, the mining exploitation also resulted in dynamic influences within the vicinity of the court complex 
[4]. Five high-energy tremors were recorded by the mining geophysics station within a radius of 1 km from the 
buildings of the courts. These tremors had a maximum energy of E = 2x107J and a maximum ground vibration 
acceleration of amax = 388mm/s2. 

3. Technical characteristics of the court complex 

The complex includes: a hall which is a roof for 4 tennis courts, 6 outdoor courts and elements of land 
development and utilities. 
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a) 

 
b) 

Fig. 1. Buildings of the tennis court complex: a) the hall is located on the right side of the drawing,  
b) view of the interior of the hall 

The construction design [5] and expertise [6] indicate that the hall was designed as a two-nave structure with 
a wooden arch system, supported by reinforced concrete footings interconnected with anchor and diagonal ties. 
The hall's projection measures 36.70m x 77.10m. 

The foundation was placed at a depth of 1m below the ground level. To safeguard against mining exploitation, 
the foundation of the hall was divided into two segments with a 10cm wide expansion joint between them. 
However, no expansion joints were incorporated into the aboveground portion of the hall. The strip footings were 
reinforced to withstand additional forces resulting from horizontal soil deformations corresponding to the 3rd 
category of mining area. Additionally, a 10cm thick floor made of C20/25 concrete reinforced with polypropylene 
fibers was constructed above the foundation. 

The ground floor structural elements of the hall consist of repeatable arched frames made of glued laminated 
timber. These frames are spaced at intervals of 5.14 meters and have a rectangular cross-section measuring 140mm 
in width and 520mm in height. Each frame is connected along the entire length of the hall with wooden purlins, 
which have a cross-section of 120mm x 120mm (200mm). 

To provide additional structural support, steel S355JR round bars with a cross-section of 16mm are used as 
bracings. These bars are arranged in four fields within the hall. 

4. Damage investigated 

The mining exploitation caused damages and irregularities to the building elements and infrastructure 
(Fig. 2a, particularly affecting the tilt and deformation of the hall's load-bearing frames. Geodetic measurements 
[8] revealed significant deflections of the apex from the plane of the frame, with a maximum deflection of 161 mm. 

While similar values of vertex displacements were observed based on geodetic measurements, the deviations 
of the northern segment differed significantly from those of the southern segment. These deflections and changes 
in the geometry of the braced fields resulted in excessive stress and damage to the bracings (Fig. 2b). 

 
a) 

 
b) 

Fig. 2. a) tilt of hall load-bearing frame, b) broken hall bracings 
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In addition to the damages to the load-bearing frames, other identified damages included: damages of concrete 
floor inside hall (Fig. 3b), deformation of the surface of the outdoor courts (Fig. 3c) and paving stones (Fig. 3a). 

 
a 

 
b 

 
c 

Fig. 3. a) deformation of paving stones, b) damage of concrete floor inside hall, 
c) Deformation of the surface of the outdoor courts 

5. Assessment of the causes of the damage 

 The structure was significantly affected by the pronounced deformation effects of the established concave 
mining trough, categorized as a 3rd mining category deformation. These effects manifested as horizontal 
deformations of the mining substrate, resulting in its compaction (ε). The expanded sections of the hall shifted 
with the terrain, causing displacement of the bases supporting the arched girders. The compressive deformations 
led to the sliding of foundations. As per the original design [5], the load-bearing transverse structures of the hall 
lacked full expansion joints along the entire height of the cross-section, contributing to the deformation of the load-
bearing frames. The design flaw in this scenario was the absence of an expansion joint in accordance with 
guidelines [1, 7], from the foundation base to the roof slope. This oversight affected the interaction of the segments, 
resulting in deflection from the vertical and deformation of the hall's load-bearing frames. 

Continued use of the court complex became feasible after implementing recommendations outlined in the 
study [6]. These recommendations focused on rectifying structural damage, which, if left unaddressed, could 
render the courts and infrastructure unusable in the event of further deformation. 

6. Summary 

Locating buildings in mining areas necessitates the implementation of various forms of construction 
prevention during the design and construction stages, aimed at mitigating damages and inconveniences resulting 
from additional impacts of mining exploitation. Design guidelines and technical requirements for buildings 
situated in mining areas are outlined in [1, 7]. 

In conclusion, it can be stated that there are two main causes of damage to the hall and related infrastructure: 

 the effects of mining exploitation, 
 improper adaptation of the structure or their complete omission in the elements of technical infrastructure. 
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Abstract: Maintenance of railway tunnels includes activities aimed at sustaining the safe use of the tunnel throughout its lifetime. An 
effective maintenance program helps reduce costs, reduce tunnel closures, increase public safety and ensure an adequate level of 
service. There are several publicly available standards and guides in the USA that provide detailed information and guidance about 
potential tunnel defects and damage, and how to maintain them. The AREMA Railway Manual, Chapter 1, Part 8, lists potential tunnel 
damage, and the AREMA Bridge Inspection Manual, Chapter 11 - Tunnel Inspection, provides information on the tunnel structure 
inspection protocol. Section 4.5 of the SRI TSI covers rules for the maintenance of railway tunnels, including identification of 
components that are subject to wear and degradation; definition of the limits of use of deteriorated elements, and description of 
measures to prevent this deterioration. The TOMIE Handbook provides detailed information on the operation, maintenance, inspection, 
and evaluation of tunnels. This article describes the practices and standards of tunnel inspection, monitoring, and maintenance 
in the USA.  

1. Introduction 

Railroad tunnels are integral to the rail transit industry and crucial for facilitating passenger movement across 
cities in the United States. They provide alternatives for crossing bodies of water or navigating through physical 
barriers such as mountains, existing roadways, railroads, or facilities. Additionally, tunnels offer a viable means 
to mitigate potential environmental impacts stemming from traffic congestion, including air quality deterioration, 
noise pollution, or visual intrusion. They also serve to provide alternatives for pedestrian movement and safeguard 
areas of special cultural or historical significance, such as conservation districts, buildings, or private properties. 
Furthermore, tunnels contribute to sustainability efforts by helping to preserve natural habitats and minimizing 
disturbances to surface land. However, the existing tunnel infrastructure in the USA inventory comprises many 
tunnels that are over 100 years old, posing potential chokepoints that could severely disrupt passenger mobility in 
the event of a fire or security incident [1]. 

Figure 1 illustrates the year of construction completion in the United States [2]. Approximately half of the 
tunnels were constructed over 50 years ago, with around 15% exceeding 100 years in age. This indicates a nearly 
equal distribution between newer tunnels (less than 50 years old) and older tunnels (over 50 years old). 

 

Fig. 1. Age of rail transit tunnels in the USA 

The cost of maintaining and renovating tunnel systems must be balanced against available funds. Resources 
for repairs and improvements are limited, necessitating prioritization to make informed investment decisions. 
Expert opinions are typically sought upon receipt of inspection data. Sound engineering judgment is employed to 
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assess the consequences of tunnel system or component failure in terms of overall safety, service level, and cost. 
In cases where design data is lacking, additional inspection and testing may be necessary. Risk assessment 
techniques should encompass strategies for deploying, operating, maintaining, upgrading, and disposing of tunnel 
system components in a cost-effective manner. 

Several publicly available standards and guides in the USA offer information on tunnel maintenance, 
inspection, and rehabilitation, including: 

 FHWA-NHI-10-034 [3] - A comprehensive document contains details on design and rehabilitation. The 
standard is dedicated to road tunnels. Most topics also cover railway tunnels, but some aspects of railway 
operation are missing. 

 AREMA Bridge Inspection Handbook [4] - Provides general guidelines but lacks details. 
 FHWA-HIF-15-005 (TOMIE Manual) [5] - A comprehensive document contains details about the design. 

The standard is dedicated to road and rail tunnels. However, some aspects of rails operation are missing. 
 23 CFR Part 650 (2015) [6] - Minimum requirements for highway tunnels. Most topics also cover railway 

tunnels, but some aspects of railway operation are missing. 

The available documents are often dedicated to road tunnels, therefore, some agencies are developing their 
own standards to supplement the necessary information. 

2. Maintenance of tunnels 

Older tunnel infrastructure necessitates adequate maintenance, inspection, and rehabilitation measures to ensure 
continued safe operation. An effective maintenance program helps reduce costs, minimize tunnel closures, enhance 
public safety, and ensure an appropriate level of use. Maintenance activities span from simple tasks to complex 
undertakings, as indicated in the hierarchy below: 

 Removing debris, snow, and ice 
 Washing tunnel structures, flushing drains, tightening bolts, and changing light bulbs 
 Servicing equipment, painting fixtures, and restoring pavement 
 Tests, verifications, measurements, and calibrations 
 Planned interventions 
 Unplanned interventions 
 Rehabilitation (large-scale repairs and upgrades are implemented). 

Tunnel operation can be divided into two parts: normal operation and emergency response. Normal operating 
procedures include maintaining traffic flows, tunnel traffic closures, studying weather conditions, clearing 
roadway hazards, inspecting critical areas, checking functional systems, servicing equipment, clearing the tunnel 
facility, maintaining vehicles and equipment, completing daily logs and checklists, processing work orders, 
checking information, and evaluating sensors and meters. Emergency response includes: 

 Impacts and collisions: remove vehicles, clear debris, repair pavement, inspect tunnel damage 
 Fires: emergency ventilation measures, rapid detection 
 Floods: pump systems  
 Earthquakes: structural damage, leaks 

An effective tunnel maintenance program reduces costs, decreases closures, and increases safety. Ideally, the 
maintenance strategies of a tunnel facility should strike a balance between preventative maintenance and on-
demand maintenance. If safety or structural concerns are identified in the process of carrying out maintenance 
tasks, then the defects should be addressed promptly. 

3. Inspection of tunnels 

Tunnel inspection requires multidisciplinary personnel familiar with various functional aspects of a tunnel, 
including civil/structural, mechanical, electrical, drainage, and ventilation components, as well as operational 
aspects such as signals, communication, fire-life safety, and security components. The inspectors should be 
certified and knowledgeable about inspector responsibilities [5]. 

The FHWA has developed the National Tunnel Inspection Standards (NTIS) [7], TOMIE Manual [5], and 
Specifications for the National Tunnel Inventory (SNTI) [8] to help safeguard tunnels and ensure reliable levels 
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of service on all public roads. The NTIS includes the legal requirements of the National Tunnel Inspection Program 
(NTIP); the TOMIE and SNTI manual have been incorporated by reference into the NTIS to expand upon the 
requirements. The TOMIE Manual is a resource to assist in the development of tunnel operations, maintenance, 
inspection, and evaluation programs; it provides uniform and consistent guidance. The SNTI provides instructions 
on how to transfer inventory and inspection data to FHWA, which will be maintained in the National Tunnel 
Inventory (NTI) database to track the condition of road tunnels throughout the United States. 

Additionally, the SNTI is used to collect tunnel inventory items such as tunnel identification, age and level 
of service, classification, geometric data, inspection, load rating and postings, navigation, and structure type. The 
SNTI inventory items require the following information: the item name, specification, commentary, examples, 
format, and alphanumeric identification. The specification contains descriptions of each inventory item and 
provides a series of explanations in the commentary section. 

4. Summary 

The cost of maintaining and repairing tunnel systems must be balanced against available funds. Resources 
for repair and maintenance are limited; therefore, repairs must be assessed and prioritized to make informed 
investment decisions. A tool such as the SNTI (Specifications for National Tunnel Inventory), which provides 
instructions on how to transfer inventory and inspection data to FHWA, is a good example of how to operate with 
an extensive tunnel network. The National Tunnel Inventory (NTI) database collects and stores information to 
track the status of tunnels throughout the United States. This is the direction that should be implemented in Poland, 
where the number of tunnels is growing every year, and their maintenance will be a challenge for future generations 
of engineers. 
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1. Introduction 

 In areas of active mining activity, which have been ongoing for several decades, there are numerous risks 
related to deformation, water, and dynamic factors such as paraseismic shocks [1]. 

This article discusses a case involving complex mining influences on a building located in one of the cities 
of Upper Silesia. This includes deformation excitations caused by discontinuous deformation, represented by a 
linear threshold (referred to as flexure) [2,3], as well as soil pressures on the foundation walls and building 
foundations within the concave part of the mining trough [1,4]. 

As a result of mining impacts, the building structure experienced numerous damages in the form of cracks 
and displacements, reaching a level of emergency that threatened the safety of its use according to its intended 
purpose. The paper presents an assessment of the causes of damage and the scope of preventive temporary 
construction works that enabled the safe and continuous use of the building. 

2. Mining influences 

Discontinuous deformations of the mining substrate are identified in both mining and post-mining areas [5]. 
Terrain thresholds on the ground surface were inventoried on the northwest side and directly under the building 
(Fig. 1a, b). They appeared on the ground surface as a result of intensive mining exploitation in this area, within 
the zone of overlapping edges of mining plots in the seams. This subject is discussed in detail in [6]. 

Continuous deformation of the terrain in the form of mining basins results from underground mining of 
minerals, including hard coal. In total, a deposit with a thickness of about 35.5 m was exploited, but up to 1965, 
to a total height of about 9.0 m, mainly with dry filling. After 1965, the total thickness of the selected 12 seams 
was about 25 m, primarily with roof collapses. 

Data provided by the Mining Plant and documentation indicate that the ongoing mining operations, planned 
until 2027, will be conducted with roof collapse. Until November 2021, the longwall, with a thickness of 2.0 to 
3.0 m, at a depth of about 750 m, was operated beneath the district where the building in question is located. 

This exploitation resulted in the occurrence of continuous deformation indicators on the surface, classified 
into the III category of mining area. The building was within the impact range of the established mining trough, 
with the dominant influence of horizontal deformations of the mining subsoil, resulting in its compaction, not 
exceeding ε- ≤ 6 mm/m 
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a) b) 

Fig. 1. Terrain thresholds: a) under the pavement and the building on the north-west side of the building, b) in the road 
surface on the north-west side of the building 

3. Characteristics of the building 

The building subject to mining influence was erected at the beginning of the 20th century. In the horizontal 
projection, it has a shape similar to a rectangle with dimensions of 9.91 m x 15.24 m. The segment, built in semi-
compact development, has a full basement and three above-ground storeys. The basic structural system consists of 
brick load-bearing walls. Brick vaults were made above the basement, and wooden-frame ceilings over the 
remaining floors. The foundation is made of brick foundation walls. The whole is crowned with a wooden gable 
roof structure covered with ceramic tiles. During the period of use, the building structure was strengthened against 
the negative effects of mining influences. Steel anchors were used, located in the ceiling levels, running along the 
longitudinal and transverse directions, fastened in the corners of the building to steel angles located along the edges 
of the vertical walls along their entire height. 

  
a) b) 

  
c) d) 

Fig. 2. Damages to the building: a) cross-cracks in the lintel, sill and inter-window strips of the northern wall, b) cross-cracks 
in the lintel, sill and inter-window strips of the southern wall, c) vertical and horizontal cracks and pushing into the building 

interior, the western gable wall on the basement floor, d) cracks in the longitudinal wall in the basement 

Inventory of the state of damage to the building is carried out systematically as part of construction 
supervision. The first damage to the building structure was observed in September 2021 when the work front in 
the mining plot was located approximately 100 m from the building. The purpose of their systematization can be 
generally distinguished: 
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 damage visible on the outside of the building: cross-cracks in the lintel, sill and inter-window strips, 
occurring in the long external northern (Fig. 2a) and southern (Fig. 2b) walls; horizontal cut with 
displacement towards the interior of the building of the western gable wall, visible on the ground floor 
level;  

 damage visible inside the building: horizontal and vertical cracks in the western gable wall visible on the 
basement (Fig. 2c); cracks in the walls on the basement (Fig. 2d); numerous cracks in the vaults in the 
basement; uplift of the basement floor; cracks in the walls of the staircase, cracks in the longitudinal 
stiffening wall on the ground, first and second floors; numerous cracks in the lintel strips of door openings 
and deformation of the floor in residential premises. 

The observed damage was characterized by considerable intensity. The cracks in the transverse load-bearing 
walls on the basement storey had a width of up to 20 mm, while in the case of the western gable wall, it was moved 
from the plane towards the center of the building. Cracks in the external longitudinal walls and the internal 
stiffening wall and the staircase walls had a width of up to 25 mm. The cracks in the vaults above the basement 
were up to 3mm wide. It should be added that these damages intensified over time, more or less within 3 months 
from the time of their occurrence. 

The building in question was subject to the simultaneous impact of discontinuous and continuous mining 
deformations that occurred on the surface as a result of mining exploitation. Maintaining the continuity of use of 
the building, in accordance with its intended use, required urgent ad hoc construction activities, which are generally 
discussed in point 4. 

4. Construction works recommended for implementation 

The significant intensity of damage to the building structure determined the need to undertake urgent, ad hoc 
construction activities. These works were recommended for implementation as a result of construction supervision 
carried out by employees of the Building Research Institute. In general, they concerned: 

 re-bricking of through-cracks in the longitudinal walls shown in Fig. 2a and Fig. 2b, and the internal 
stiffening wall; 

 hammering a concrete slab at the western gable wall, the stiffness of which intensified the pressure on 
this partition; 

 support of the cracked western gable wall displaced inside the building (Fig. 3a); 
 support of the ceiling above the basement in the south-west part of the building; 
 support of the staircase wall in the attic level (Fig. 3b); 
 hammering loose plaster, stairways and ceilings in living quarters. 

  

a) b) 

Fig. 3. Temporary support: a) of the western gable wall, cracked and moved inside the building,  
b) of the staircase wall in the attic level 
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5. Summary 

The chapter of the monograph discusses the case of an emergency condition in the structure of a residential 
building, which arose as a result of the disclosure of deformation influences on the surface of the area related to 
the effects of a mining operation carried out until November 2021. Simultaneously, the structure of the discussed 
segment was affected by discontinuous linear deformations in the form of terrain sills and a concave mining trough. 
The undertaken remedial actions and strengthening of the structure made it possible to continue its use. Ultimately, 
the possible renovation of the building will be determined by the technical and economic opinion commissioned 
by the mine responsible for causing the damage. 
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1. Introduction 

In order to elevate the standard of commercial spaces, investors undertake renovations. According to Polish 
construction law, several renovations do not require project documentation. Occasionally, documentation may be 
incomplete to reduce costs, or there may be inadequate supervision at renovation sites. In most cases, the 
construction company serves as the sole source of advice. The apparent savings during the preparation of 
renovation works often result in poor execution and increased costs. 

When works involve anti-moisture isolation of the foundation, including drainage, in buildings lacking 
construction records, a supervisor with a suitable construction license should be present. Such supervision ensures 
proper ground isolation works. The lack of experience in the construction team may lead to building fractures and, 
in extreme cases, structural failure. Foundation-related works are specialized and should be carried out by 
companies with appropriate experience. Therefore, consideration should be given to introducing changes in 
construction law to eliminate such situations and mandate proper applications, including construction 
documentation and technology. 

2. Building description 

The building is located on Ladna Street, Cieszyn, Poland. This commercial building was erected between the 
two World Wars at the beginning of the last century. It consists of three stories: the basement, ground floor, and 
attic. The building was constructed using a traditional mixed-bearing system. The foundations are made of full 
brick and stone-concrete, while the walls are constructed of full brick. The basement ceiling is covered with a 
staple vault supported by steel beams, and the ground floor has a timber ceiling cover. The roof timberwork 
consists of purlins covered with ceramic tiles. 

The building is directly embedded without horizontal isolation. At the embedding level, there is resilient and 
hard-resilient clay. The foundations are made of full brick laid with lime mortar, with stones also placed on lime 
mortar, matching the width of the construction walls of the building. The mixed-bearing system includes brick 
walls of various widths made of full brick. 

The building was not in use during the renovation. Until the day of collapse, renovation works were ongoing, 
focusing on exposing the outer part of the foundations to reinforce and vertically isolate them.".     

3. Renovation works till breakdown 

In order to eliminate dampness of the outer walls, the owner of the building had undertaken the following 
actions: 

 East and south foundation excavation was done to the depth below the embedding. 
 The ground works were done manually and mechanically. 
 The vertical covers of the foundations were cleaned and prepared for the horizontal isolation as well as 

the reinforcement made of a concrete holdfast wall. 
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4. Description of construction breakdown 

 

Fig.1. The view of the building partly collapsed. 

On the evening of November 9th, 2019, the southern part of the building leaned out, causing the collapse of 
the commercial section. The southern and eastern walls suffered partial damage, along with the ceiling cover over 
the ground floor and the roof timberwork with its covering (Fig. 1). 

At the time of the collapse, there were no construction teams present on-site. Additionally, there had been 
torrential rain in the area for a few days leading up to the incident. 

5. Analysis of breakdown causes 

There were two main causes of the breakdown of the commercial building in Cieszyn, Poland: 

 The excavation of the building foundations had been done below the level of the embedding of the 
building which resulted in surpassing the vertical bearing capacity of the ground below the level of 
embedding. The range of the excavation was shown of the existing foundations of the top wall in the 
south-east corner as well as the level of embedding, the depth of the excavation compared with the basis 
of the foundations on the ground. 

 The direct cause was the loss of the ground bearing capacity at the level of the embedding of the building 
in the south-east corner. The ground clay at the level of embedding became ductile due to previous 
abundant precipitation. 

6. Inaccuracies during the renovation 

The basic inaccuracies during the renovation were: 

 The excavation along the longitudinal (east) wall at its entire length as well the top (south) wall. In such 
cases the excavations should be done in sections; 

 The most crucial inaccuracy was the excavation of the south-east corner of the building; 
 The depth of the excavations which surpassed the depth of the embedding; 
 The lack of proper supervision of the renovation works by an authorised person experienced in the field. 

7. Description of protection works 

The aims of the protection works are: 

 Fencing off the danger zone permanently in order to eliminate trespassing as well as signing it with 
warning signs; 

 Outsourcing of companies experienced in such works to do protection and demolition works; 
 Outsourcing of an authorised person to supervise the works permanently; 
 Demolition to be done mechanically by an excavator with a long arm to eliminate danger; 
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 The range of the demolition includes the roof timberwork together with the attic walls and chimneys, 
ceiling covers and south-east ground floor walls. 

8. Round-up and repair solutions 

Recommendations to reinforce the foundations of the collapsed part of the building: 

 Placing a concrete mix with a waterproof and self-compacting additive in the excavations along the intact 
zones of the building, at a minimum height of 70 cm. This applies to the excavation along the east wall 
and partially along the top wall in the southeast corner. The concrete should be pumped in using a concrete 
pump to eliminate the risk of sending workers into the danger zone. 

 Using a concrete mix of class C20/25. 
 After the concrete has reached at least 70% of its guaranteed strength, commence work on breaking the 

roof timberwork and its covering, to avoid damaging the structure of the part of the building that should 
be preserved. 

 The aforementioned work should be carried out from a crane positioned at least 8 meters away from the 
building to ensure worker safety. 

 Upon completion of the aforementioned tasks, proceed with insulating the foundation walls, installing 
band drainage, and laying a gravel layer up to the height of the excavation. 

 Prepare project documentation for the restoration of the collapsed part of the building. 
 Conduct construction works related to the restoration of the building (see Fig. 2). 

Considering all the material related to the breakdown of the commercial building, there is only one 
conclusion: every general renovation of a building should be prepared with proper documentation, the selection of 
a suitable building firm, and supervision by an authorized person. Attempts to cut costs on these actions often 
result in serious financial consequences and civil liability. The breakdown revealed significant gaps in Polish law 
as well as the incompetence of building firms in the market. While this incident only resulted in financial loss, the 
potential consequences could have been much worse if workers had been on-site. Therefore, the importance of 
proper planning before renovation works cannot be overstated. 

 

Fig. 2. The view of the building under reconstruction 
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1. Introduction and description of the structure 

Inclined coal conveyors are key elements of process lines that feed coal to power units in power plants and 
combined heat and power plants that utilize solid fuels for energy production. They serve as supporting structures 
for belt conveyors that transport coal. The structure described in this case study is located within the premises of 
the Kozienice Power Station in Świerże Górne, in southern Mazovia. During the operation of the structure, 
technical inspection staff observed visually apparent deepening deflections of the conveyor spans and twisted 
bottom chord members of the longitudinal side trusses. Cyclical geodetic measurements confirmed these 
observations. The deformation measurements prompted a comprehensive assessment of the technical condition of 
the structure to ensure its continued safe operation and to determine the causes of the deformations. 

The inclined coal conveyor discussed in this paper is a structure that measures 128.0 m in length, 8.0 m in 
width, and 4.6 m in height up to the roof ridge. It spans between the tunnel leading from the transfer station and 
the transfer tower situated next to the boiler house. Longitudinally, the structure is constructed as a three-span 
elevated steel conveyor, with spans measuring 43.7 m, 43.7 m, and 40.6 m in the axes of supports, respectively. 
The conveyor is inclined at an angle of 16˚ in relation to the ground level. 

In terms of the transverse profile, the conveyor consists of closed frame structures spaced every 3.0 m along 
the length of each span and every 2.15 m in the support areas. These transverse frame structures are connected 
along the length of the conveyor with longitudinal connecting beams made of 2xUPN300 profiles. These beams 
are joined with rigid battens—one at the eaves joint level and one at the level of the bottom edge of the column. 
These connecting beams serve as the bottom chord and the upper chord of the side wall trusses, with the columns 
of the transverse frames acting as the posts of these trusses. At the bottom part, the transverse frame systems are 
connected using transverse floor beams, which support the concrete ceiling of the coal conveyor and the belt 
conveyors (see Fig. 1). 

 

Fig. 1. View of the transverse profile of the structure in the current condition 
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2. History of the structure 

The inclined coal conveyor described in this paper was constructed in 1977 based on design documentation 
developed in 1975 and was in continuous operation from 1977 to 1999. In 1999, due to its poor technical condition 
[1, 2], the structure underwent modernization that included updates to the walls, roof, and ceiling of the coal 
conveyor. Additionally, extensive renovation work was carried out, which involved updating the anti-corrosion 
protective coatings. The solutions applied during this modernization significantly impacted the subsequent method 
of loading and using the structure. Notably, the changes made to the ceiling edge were crucial in terms of the later 
operation of the structure and the deformations observed. The work involved, among other things, the dismantling 
of a jointless floor slab approximately 40 cm wide along the side trusses on both sides, and the construction of a 
reinforced concrete plinth 40 cm high, which also incorporated a portion of the adjacent floor slab. The differences 
in the method of constructing the floor slab according to the original design and after the 1999 modernization are 
illustrated in Fig. 2. 

  
a) b) 

Fig. 2. Differences in the method of making and supporting the floor slab according to: a) original design solutions, 
b) condition after the modernization in 1999 

3. Structural deformations 

An in-depth analysis of the cyclical archival geodetic measurements of the inclined coal conveyor's geometry 
confirmed that significant differences in structural deformation were observed between the measurements 
conducted in the years 1999-2000, coinciding with the period of structural system reconstruction. This period 
included modifications to the support method and the solution applied to the floor slab edge of the structure [3]. 
Measurements of the support subsidence did not reveal any irregularities in this regard [4], which, along with the 
geotechnical tests conducted [5], confirmed the high level of consolidation of the soil subbase below the foundation 
footing level of the intermediate supports. On-site inspections carried out in the summer of 2020, as well as 
supplementary geodetic measurements of deformations of the built-up bottom side chords of the longitudinal wall 
trusses, confirmed the earlier in-situ macroscopic observations, as shown in Fig. 3. 

 

Fig. 3. Deflection of the bottom side chord of the longitudinal wall truss 
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4. Calculation analysis of the structure 

To verify whether the structure meets the standard conditions of the ultimate limit state (ULS) and the 
serviceability limit state (SLS), four calculation models of the structure were developed using a computer program, 
each differing in terms of assumptions made, geometry, modeling methods of selected members, and support 
conditions: 

 Model 1: Takes into account an ideal geometry of the structure, consistent with the original design 
documentation, with the bottom chord of the wall truss modeled as a built-up chord member with battens. 
This model provides for axial transfer of loads from the floor slab to the member. 

 Model 2: Takes into account an ideal geometry of the structure as in Model 1, with the bottom chord of 
the wall truss modeled in the form of two parallel members, connected with tilting connectors imitating 
battens. This model allows for the transfer of loads from the floor slab only to one of the truss chords, as 
shown in Fig. 2b. 

 Model 3: Considers structural assembly errors in the form of induced load on the supports and assumes 
that the truss bottom chord will be used as a built-up member (similar to Model 1). Instead of the 
columns—intermediate supports—the model accounts for elastic supports prone to movement in each 
direction. 

 Model 4: At the client’s request, a hypothetical situation was assumed, considering the implementation 
of measures to prevent a potential failure. Asymmetric variable loads were assumed, coming from only 
one working conveyor, and the coal conveyor structure was supported with additional temporary or 
permanent pin supports near the center line of each span.  

Additionally, a buckling analysis of the bottom chords of trusses was performed for the cases presented in 
Models 1 and 3 (the 2xUPN 300 built-up member model) and in Model 2 (loading of a single UPN 300 member). 
For the individual C-shaped beams of the bottom chord from Model 2, an analysis of the buckling impact on the 
stress levels of these members was also conducted. 

5. Summary 

 The results of the comprehensive stress and strength analyzes confirmed that the structure is in a pre-
failure condition and specific interventions need to be made to improve operating conditions of the structure and 
prevent a potential collapse. Based on results of one of the analyzed computational models, a conceptual design 
and directions of the suggested modernization were developed. A complete design documentation was prepared, 
covering not only structural works, but also other renovation works. The adopted solutions enable carrying out the 
works in continuous operation, without the need to shut down the structure, which was one of Client’s requirements 
that increased the difficulty of the design work. A first stage of the designed work was implemented in the summer 
of 2021, which involved construction of three additional intermediate supports and necessary reinforcements of 
selected structural members. The remaining work is planned for the next summer season. 
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1. Introduction 

Steel grain silos have become a permanent fixture in the landscape of contemporary villages and are essential 
on farms specializing in cereal cultivation. Both relatively small silos for poultry feed, known as bins with 
capacities of several cubic meters, and real giants with capacities of up to 30,000 cubic meters are constructed. 
Unfortunately, silos are engineering structures that fail relatively frequently, which is why they are the subject of 
particular interest among many researchers (see, for example, [1], [2]). 

 

Fig. 1. The view of the lower part of damaged silo 

Modern steel silos are constructed as large cylindrical vessels for flat-bottom silos. In the case of silos with 
hoppers, the structure is a composition of a cylindrical part and a conical part (hopper), supported on peripheral 
columns. The cylindrical section is typically assembled from horizontally corrugated steel sheets, strengthened by 
external columns made of thin-walled, cold-formed sections. This type of silo, used for grain storage, became the 
subject of the author's interest after a wall rupture occurred in the third year of the silo's operation. The main 
purpose of the investigations presented in this paper was to determine the causes of the silo's failure. 

 

Fig. 2. Details of the wall rupture: a) view from outside b) view from the inside 
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The failure occurred when the silo was completely filled with wheat, and the discharging operation was 
initiated. Shortly after the start of the discharging operation, a wall rupture appeared, and a narrow stream of grain 
began to flow from the location indicated in Fig. 1. The discharging was immediately stopped, and the opening 
was provisionally blocked. Subsequently, the silo supplier installed strengthening rings (see Fig. 1) to prevent 
further progression of the rupture. Afterwards, the upper layers of grain were vacuumed out to reduce the silo's 
capacity to half. The remaining wheat was then discharged using the standard discharging devices installed in the 
silo. Details of the wall rupture are shown in Fig. 2. 

The paper presents detailed considerations focused on determining the cause of the described silo failure. An 
analytical approach based on formulas available in the Eurocodes [3], [4], [5], and [6] was adopted to check the 
load-bearing capacity of the silo’s wall at the level where the rupture occurred. Additionally, numerical simulations 
were performed, aiming to determine the stress distribution within the course where the rupture took place. 

 
a) 

 
b) 

 
c) 

Fig. 3. Coupons used in material tests a), the coupon during the test b) and the material model c) 

2. Details of performed analyses  

In the first step, material tests were conducted on coupons cut from the steel sheet remaining after the silo 
assembly. Figure 3a displays four coupons and the course of the material test. As a result, the following material 
parameters were obtained: yield strength fy = 380 MPa, ultimate tensile strength fu = 400 MPa, and modulus of 
elasticity E = 205 GPa. The simplified material model adopted for the numerical analyses is shown in Figure 3c. 

Loads acting on the silo’s wall were defined based on Eurocode [3] specifications for wheat. The silo, with a 
height of 16 m (cylindrical part) and a diameter of 8.16 m, was classified as slender (comp. [3]). The total capacity 
of the silo was 760 tons, placing it in Action Assessment Class 2 (comp. [3]). Both scenarios were considered: 
loads during filling and loads during discharging. 

Resistances were checked according to rules given in Eurocodes [4], [5], and [6]. As a result of resistance 
verifications, it was revealed that some limit states had been surpassed. Specifically, the resistance of the net area 
of a cross-section along two sections weakened by holes for fasteners (bolts) was too low (measured at 249.09 kN) 
compared to the calculated axial (peripheral) force at the analyzed location (measured at 259.54 kN). This force 
also exceeded the bearing resistance of the bolt connection, which was determined to be 225.69 kN. The ratio of 
exertion was 1.04 (259.54/249.09) and 1.15 (259.54/225.69), respectively, indicating the degree to which the 
resistance was surpassed. 

The considered segment of the silo’s wall was also analyzed numerically. To this end, the corrugated wall 
was modelled along with all details like holes for fasteners, external pillars, and constructional details of the hatch 
door housing. Both components of wall pressure were adopted as determined based on [3]. The Abaqus system, 
based on the finite element method, was used, and the analyses were carried out within a materially nonlinear 
range. The finite element mesh was designed to detect all local effects suspected within the analyzed area of the 
silo wall. The total number of nodes of the used mesh was 487,307, and the total number of degrees of freedom of 
the discrete model was nearly 3 million. The materially nonlinear analysis (MNA) was carried out using the 
incremental Newton-Raphson approach with load control. 
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Fig. 4. Stress and strains distributions within steel sheets: a – equivalent stresses due to Huber-Mises-Hencky 
hypothesis in [MPa], b – effective plastic strains greater than 0.1% 

The most significant results of the numerical simulations are presented in Fig. 4. Equivalent stresses, based 
on the Huber-Mises-Hencky stress criterion, are shown in Fig. 4a, where spots in dark red indicate zones where 
the yield state was achieved. Effective plastic strains greater than 0.1% are depicted in Fig. 4b as zones painted 
blue. "Ur," indicated in Fig. 4a, represents the radial displacement. The plots in Fig. 4 reveal that the most stressed 
zones occur within the lap connections between steel sheets and in the vicinity of the hatch door housing, precisely 
where the rupture occurred. 

3. Conclusions 

The primary objective of the analyses performed was to determine the cause of the rupture in the silo wall 
sheets at the border between the second and third courses, counting from the ring of the hopper. This overarching 
goal defined the scope of the analyses conducted. Both analytical calculations, based on detailed standard 
provisions, and numerical simulations were limited to the scope necessary to explain the observed mechanism of 
the silo rupture. 

As a result of the analytical calculations, which utilized standard procedures, it was shown that when the silo 
is filled with wheat, the bolt bearing capacity is exceeded at the point where the sheets of the silo wall are joined, 
at the level of the second course. Another potential breakage point is the section weakened by holes for bolts that 
fix the manhole door frame to the shell sheet. 

The identified mechanisms of failure of the sheet metal of the considered course were also confirmed in the 
performed numerical simulations. The most probable mechanism was the rupture of the sheet metal in the vicinity 
of the manhole door installation, and this is what occurred in the silo in question. 

Summarizing the analyses carried out, it can be concluded that the main cause of the silo failure was the 
excessively thin corrugated sheet of the silo wall, which was only 1 mm thick, and the incorrect design of the lap 
joints between individual sheets and between the silo wall sheet and the hatch door housing. 

  



122 

References 

1. Rejowski K., Iwicki P., Simplified stability analysis of steel cylindrical silos with corrugated walls and vertical 
columns. Recent Progress in Steel and Composite Structures – Giżejowski et. al. (Eds). Taylor & Francis 
Group,London 2016, s. 525–532. 

2. Hotała E., Skotny Ł., Kuśnierek M., Boniecka J.: Experimental investigations on the resistance of vertical 
stiffeners of steel silos shells made of corrugated sheets. Recent Progress in Steel and Composite Structures – 
Giżejowski et. al. (Eds). Taylor&Francis Group, London 2016, s. 186 –187.EN 1991-4: 2006, Eurocode 1. 
Actions on structures. Part 4: Silos and tanks. 

3. EN 1993-1-1: 2006, Eurocode 3. Design of steel structures - Part 1-1: General rules and rules for buildings. 
4. EN 1993-1-3: 2006, Eurocode 3. Design of steel structures - Part 1-3: General rules - Supplementary rules for 

cold-formed members and sheeting. 
5. EN 1993-1-8: 2006, Eurocode 3. Design of steel structures - Part 1-8: Design of joints. 
6. EN 1993-4-1: 2009, Eurocode 3. Design of steel structures - Part 4-1: Silos. 



123 

 

REINFORCEMENT OF DAMAGED  POWER PLANT STEEL STRUCTURE FOR 
ADDITIONAL LOADS 

WIESŁAW PACZKOWSKI1 
KRZYSZTOF KOZIEŁ2 
SZYMON SKIBICKI1, szymon.skibicki@zut.edu.pl 
MARCIN MATYL2 

MACIEJ WIŚNIOWSKI3 

TOMASZ WRÓBLEWSKI1 

1Faculty of Civil and Environmental Engineering, West Pomeranian University of Technology in Szczecin, al. Piastów 50a, 
70-311 Szczecin, Poland 
2Optimal Design of Structures Krzysztof Kozieł, ul. Na Piasku 12a, 44-122 Gliwice 
3Silesian University of Technology, Faculty of Civil Engineering, ul. Akademicka 2A, 44-100 Gliwice  

Keywords: steel structure, ground subsidence, coal power plant, laser scanning, LiDAR 

1. Introduction 

In Polish coal power plants, modernization works are being carried out with the main purpose of adapting 
combustion installations to national and EU environmental requirements. These modernizations often introduce 
new loads on existing, already extensively used power plant structures. 

The problem described in the article emerged during the preparation of project documentation for the SCR 
(Selective Catalytic Reduction) reactor support structure. The introduction of the SCR system resulted in new 
horizontal forces acting on the support structure of the boiler room. As part of the analysis of the impact on the 
existing structure, the designer determined that the structure was overloaded due to non-uniform ground settlement 
and had already been partially reinforced. This situation necessitated a detailed analysis and design of 
reinforcement. 

The analyzed object is a steel frame structure of a coal power plant boiler room, built in the 1970s. The 
analysis covered the area of four blocks (Fig. 1). The structure of the boiler room for the entire plant consists of 
four separate sections, each measuring 72 m x 36 m. Each section contains two blocks. The multi-storey frame 
structure of one section features rigid floor plates with a column grid of 12 m x 9 m. In each separate part, two 
boilers are suspended from a grid supported on the tops of the columns. 

The analysis of the structure was performed not only due to the planned works described in Section 1 but also 
due to numerous existing structural damages. These damages were particularly evident in the diagonals of the 
vertical bracing systems, as shown in Fig. 2. The analysis of existing damages allowed for their categorization into 
three types: 1) local loss of stability of bars; 2) global loss of stability of bars; 3) local damage, for example, rupture 
of tension bars. Examples of these damages are presented in Fig. 2. 

  

Fig. 1. View on blocks 5-8, red colour marks newly designed instalations and structures 
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a) 

 
b) 

 
c) 

Fig. 2. Construction of one of four boiler room sections with boilers hanging at +60m, a) view on a segment of blocks 5-6, b) 
cross-section A-A, c) cross-section B-B 

The main cause of structural damage was the uneven settlement of the ground over years of operation. 
Structures as complex as the skeletal steel frames of the boiler room in a coal power plant are very sensitive to 
uneven ground settlement. This sensitivity is due to the high degree of static indeterminacy and an additional 
factor: the suspension of boilers, each with a mass of about 3600 tons, on a grid that rests on top of the supporting 
columns at a level of about 60 meters 

 
a) 

 
b) 

 
c) 

Fig. 3. Damages of the steel structure, a) buckling of gusset plate, b) buckling of a bracing bar, 
c) ruptured of bracing at the node 

2. Laser scanning (LiDAR) as a tool for design 

Laser scanning of structures, an engineering method, enables the measurement of even highly complex 
building structures [1]–[4]. This method facilitates the determination of detailed dimensions of a structure or its 
parts [2], its imperfections [1], or its global deformation state [3], [4]. 

 

a) 

 

b) 

Fig. 4. Comparison of a real-life photo of damaged member with a model from point cloud data 

To obtain a detailed model of the structure and assess its global deformation state, laser scanning (LiDAR) 
was employed. The resulting point cloud, approximately 460 GB when compressed, provided detailed morphology 
of the structure, cross-sectional dimensions of the members, and enabled a detailed identification of the damage. 
In addition to obtaining detailed geometric data (Fig. 3), laser scanning was also used to determine the global 
deformation state of the structure. 
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By analyzing the point cloud data, the shape of column axes was identified, illustrating the displacement of 
the structure due to loads and settlements that occurred during the operation of the power plant. Data obtained 
from laser scanning confirmed that the standard requirements for columns' inclination imperfections are 
admissible. 

3. Calculation model 

Two types of analysis were applied: Linear Analysis (LA) and Geometrically and Materially Nonlinear 
Analysis with Imperfections (GMNIA). The results of the analysis using the linear elastic material model (LA) did 
not allow for an adequate evaluation of the structure's capacity. In many cases, the forces transmitted from the 
bracings to the columns—as a result of non-uniform settlement—exceeded the resistance of the bracing members. 
Consequently, the GMNIA model was employed, which considers the effects of stiffness degradation of the 
vertical bracing members, including buckling of compression members and yield/rupture of tension members, on 
the forces in the columns. GMNIA analyses of the structure were performed using two types of design models: 1) 
a global model comprising rod-shell 3D models of the boiler room, used to calculate internal forces and 
deformations of the structure, and 2) a local model using rod-shell detailed models of selected structural elements. 
Due to local stress concentrations in columns, particularly in the areas of connections with bolts, it was necessary 
to assess the amount of plastic reserve.  

The results obtained from these calculations were used to evaluate the stress state of the columns and to 
analyze the global stability of the structure. Based on this analysis, the design of reinforcements was developed. 

4. Reinforcement solution 

Numerous analyses of global and local models led to the introduction of a structural reinforcement system 
consisting of local interventions that significantly improve the performance of the structure. This system enabled 
the restoration of the structure's safety with minimal intervention. This approach required complex numerical 
analyses, described in the paper, which were performed based on detailed data obtained from geodetic monitoring 
and point cloud. 

5. Conclusions 

The basic conclusions of this study can be presented as follows: 

 Application of the linear analysis (LA) method would lead to an inadequate assessment of the technical 
condition; the obtained results of LA analysis showed in many cases the exceeding of the load capacity 
of bracing members. 

 Proper calculation results were obtained based on advanced GMNIA nonlinear models, including the 
introduction of nonlinear hinges at failure member locations. 

 The complexity of the object required the use of advanced measurement techniques in the form of laser 
scanning (LiDAR) to obtain data concerning the structure and its deformation. Obtaining this data using 
traditional methods would have been impossible. 

 It was necessary to use geodetic monitoring data of the ground settlement in order to assess correctly the 
stress state of the structure. 

 The use of local reinforcements of the structure allowed to restore its correct and safe operation. 

Based on complex numerical analyses and using advanced measurement techniques, the existing structure 
was successfully strengthened and the SCR reactor support structure was designed and installed without 
compromising its operation and safety. 
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1. Subject and scope of the paper  

The paper presents the results of an expert opinion on the technical condition of steel silos located in an 
industrial plant. It includes selected results of measurements, calculation assumptions, methods of execution, and 
results of static-strength calculations. Recommendations concerning further exploitation of the silos are also 
provided. 

The scope of the paper includes: 

 A description of the structural inventory of the facility. 
 An assessment of the technical condition of the steel structure of the silos and their reinforced concrete 

support structure. 
 Preliminary verification of the technical condition of 12 silos and selection of 6 silos for further tests, 

including measurement of steel wall thickness, assessment of the technical condition of the walls, and the 
cone hopper of the silos. 

 Checking the tightness of welded steel connections, technical condition of structural reinforcements, and 
joints. 

 Checking the correctness of execution of the shaft with pneumatic transfer of soot. 
 Analysis of damage causes and recommendations. 

  

Fig. 1. View of the silo battery 

2. Brief technical description of the silo battery 

The silo battery consists of 12 silos, each with a capacity of 275 m³, and includes technical facilities for 
loading and unloading. The warehouse, a battery of silos, stores soot, silica, and chalk. The supporting structure 
of the silos is a monolithic reinforced concrete frame with plan dimensions of 36.70 x 12.80 meters and a height 
of 9.6 meters above the foundation slab level. The reinforced concrete columns of the frame are arranged in a grid 
of 6.0 x 6.0 meters and have cross-sections of 70 x 80 cm for edge columns and 70 x 120 cm for middle columns, 
with a height of 7.25 meters. The columns are interconnected at the top by a reinforced concrete grate consisting 
of beams with a cross-section of 70 x 120 cm. A 60 cm thick floor slab rests on these beams, filling the space in 
the corners of the grate from the silo hopper. The casing of the support structure is made from prefabricated 
reinforced concrete wall slabs attached to the columns of the reinforced concrete frame. The front wall features 
two rows of steel industrial windows. 
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a) 

 
b) 

 
c) 

Fig. 2. View of a) reinforced concrete support structure and floor slab, b) cylindrical shell and  
c) cone hopper of the silo battery 

The silo battery consists of twelve identical cylindrical silos, each with a height of 12.0 meters and a diameter 
of 5.40 meters. The silo shell is composed of eight segments, each 1.5 meters high. The segments are made from 
sheet metal, likely originally specified at thicknesses of 12 mm and 10 mm. The silo chamber shell is reinforced 
along its height with four clamps made of C240 steel channel. At the base of the silo chamber shell, there is a 730 
mm high bottom ring, which consists of two horizontal sheets and is strengthened by 40 stiffeners made of 16 mm 
thick steel sheet. This ring is secured to the supporting structure with 12 M24 bolts. At the top of the silo shell, a 
500 mm high horizontal top ring is present, stiffened with eight vertical plates and supports the steel grate of the 
filter hall floor. At a height of 6.67 meters, spanning the entire length of the silo battery, there is a gallery 
for silo service. 

The staircase structure is supported by six steel columns made from HKS 700-11-300-30 welded I-beams. 
These columns are braced with transoms made of IPN240 I-beams and braces made of L150x15 and L100x8 
angles. The steel columns of the staircase, in addition to the silos, also support the filter hall above. 

The filter hall, situated above the silos and staircases, features a floor structure composed of a steel grate made 
from HKS 500-10-300-30 I-beams, IPN 300 I-beams, and IPN 160 I-beams, covered by a 20 cm thick reinforced 
concrete floor. The main load-bearing frames of the filter hall are also made of HKS 500x10x300x30 sections, 
with a span of 12.0 meters and a height of 5.0 meters, providing support for the wall casing bolts. The rafters are 
constructed from C120 channels, and the purlins from IPN 240 I-beams, spaced every 3.0 meters. The spacing 
between the wall enclosure transoms is 1.2 meters, and roof sheeting is attached to both the rafters and purlins. 

   

Fig 3. View of staircase and filter hall (above silos battery) 
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3. Silo shell thickness measurements 

Measurements of the silo shell thickness were conducted at four different levels: at the level of the reinforced 
concrete slab above the support structure, between the ribbing of the bottom ring, and above its top flange. 
Additional measurements were taken from the platform between the silos and of the thickness of the hopper sheets. 
It was observed that the measurement results were relatively consistent. The calculated average sheet thickness 
values ranged between 8 and 10 mm, while the measured values varied from 7.7 to 11.0 mm. This variance is 
likely attributable to the original thickness of the plates used for the shell rather than to corrosion or operational 
wear. The measurement results are summarized in a table. Notably, the plates used from level +7.50 to level +10.50 
show a step change in thickness, indicating that a thinner plate was utilized in this section. 

4. Verifying static-strength calculations 

 A computational model of the silo battery structure was created using the Finite Element Method (FEM). 
 The model employed beam-type and shell-type elements: 
 Columns, beams, and bars of the framework were modelled using beam-type finite elements with six 

degrees of freedom at each node. 
 Reinforced concrete slabs and the steel shell of the silos were modelled using shell-type finite elements. 
 Wall cladding was modelled using flat panels, facilitating the separation of climatic loads such as snow 

loads and wind effects on the steel bar. 
  Supports for the reinforced concrete columns were modelled as rigid supports (restraints). 

Loads were adopted according to [1] and [2], with load combinations according to [3]. 

The load from the soot (stored material), including its own weight and the pressure of soot on the silo walls 
as well as friction against the walls, was determined in accordance with PN-EN 1991-4, following the guidelines 
and procedures outlined in Chapter 5 [2]. The specific weight of soot was assumed to be 18 kN/m³, based on 
information from Polsaros Sp. z o.o., a supplier of chemical raw materials primarily for the tire, rubber, and rubber 
industries [4]. Steel column supports were modeled as pinned, non-sliding supports. 

The results of the calculations are presented as equivalent stress maps in the silo walls, with stress values 
determined according to the Mises stress hypothesis. 

 

Fig. 4. Map of equivalent stresses in steel silo walls 

5. Current technical condition of silo batteries 

Based on the measurements and visual inspections conducted, the overall technical condition of the silo 
battery, along with the support structure and the filter hall in the carbon black warehouse, should be considered 
sufficient. 

 The reinforced concrete support structure of the silos is in relatively good condition. No cracks or 
deformations that would indicate overloading were observed. 



130 

 Steel elements of the staircase support structure show no significant deformation or damage. Any local 
bending or damage observed does not affect the load-bearing capacity of the elements. 

 The technical condition of the silos is satisfactory. There are no signs of damage or cracks on them, and 
no pitting corrosion was detected. However, damage to the paint coating was observed in many places on 
the surface. 
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Abstract: The System of the Universal Modular Support Structures (UMKW) has been detailed in this chapter for constructing high 
voltage steel towers that support temporary power lines with voltages of 110, 220, or 400 kV. This system is specifically designed for 
use in emergency situations, during renovation works, or when temporary conflicts arise with existing lines. The UMKW system offers 
two types of temporary support structures: single-shaft structures and portal frames. Both configurations consist of rectangular steel 
lattice modules, which serve as the fundamental components of the system. UMKW columns are versatile, able to accommodate 
various voltage lines and load requirements through the use of guy lines that adapt the structure to meet existing demands. Importantly, 
the system eschews traditional foundations, relying instead on the stability provided by connecting guy lines to the ground using screw 
anchors or employing ballast blocks. Preliminary analysis of hundreds of system variants, coupled with a dedicated computer 
application, facilitates rapid selection of appropriate structures in urgent scenarios. Several towers constructed using UMKW modules 
have successfully undergone real-scale field tests.. 
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1. Introduction 

Overhead power lines are influenced by cable loads and environmental factors such as wind, icing, and 
temperature changes. These interactions are dominant and, due to their random nature, forecasting the load states 
of the structure becomes challenging, increasing the likelihood of emergency situations. Additionally, exceptional 
circumstances such as cable breakage or excessive foundation settlement, possibly caused by flooding, further 
complicate stability and safety, necessitating quick removal or temporary solutions. 

These considerations led to the development of the Universal Modular Support Structures (UMKW) system, 
designed for constructing temporary sections of power lines with voltages of 110, 220, and 400 kV. The system 
utilizes small-sized prefabricated lattice steel modules, allowing for the rapid construction of various support 
structures in diverse and often challenging locations. Adapted to meet Polish standards for power line design, both 
in terms of load and electrical requirements, the UMKW system has seen extensive research and development 
since its inception in 2018, supported by funding from project [1]. Since implementation, the system has been 
successfully deployed multiple times and was awarded a gold medal at Energetab, Poland’s largest energy fair, 
in 2020 [2]. 

2. Elements of the UMKW system 

The Universal Modular Support Structures (UMKW) system primarily consists of two types of prefabricated 
spatial trusses with a cross-section of 0.5 x 0.5 meters and lengths of 1.5 and 3.0 meters, respectively. Additionally, 
the system includes a cubic element with each side measuring 0.50 meters. The walls of this cubic module are 
solid, except for two sides designed to attach line equipment. This module plays a crucial role in structuring system 
nodes, such as connecting the shaft with the transom or linking the transom to the lightning tower. Illustrations of 
the 1.5-meter-long truss module and the cubic element are provided in Figures 1a and 1b. 

In addition to the larger modular elements, the UMKW system incorporates smaller overall elements of 
equipment, which are used, among other things, for connecting guy-ropes and insulators to the structure.  

The foundation of the temporary structures within the UMKW system, designed for rapid assembly and 
relatively low vertical loads, utilizes a steel and wooden foundation grating laid directly on the ground surface. 
This setup effectively disperses vertical stresses to values not exceeding 100 kPa, enabling the placement of the 
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grating structure on almost any type of terrain. Vertical stabilization of the structure is achieved through the use of 
guy-ropes, which are secured in the ground with screw anchors or supported by concrete ballast blocks to 
maintain stability. 

 

 

a) b) 

Fig. 1. a) Basic truss module with a length of 1.5 m and base dimensions of 0.5 x 0.5 m,  
b) cubic connection module for attaching lines accessories 

3. Characteristics of the UMKW system 

UMKW systems are classified within the power industry as part of the Emergency Restoration System (ERS) 
group. Each ERS system's concept, in addition to meeting technical requirements, also considers aspects related 
to transport, storage, assembly, and economics. Given the urgency of addressing failures promptly, UMKW system 
components must be readily available in sufficient quantities. Due to the wide variety of overhead power pole 
types, the UMKW must accommodate all configurations using repeatable modules. 

 
a) 

 
b) 

Fig. 2. a) the silhouette of the UMKW single-shaft corner column for the vertical arrangement of 110 kV line conductors at 
the turn of the line route up to 90 ° (with load application points in field tests), b) photo of a single-shaft column of the 

UMKW during natural-scale field tests 
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To achieve this, comprehensive static and strength analyses were performed on over 500 structural systems. 
These systems varied by the function of the pole, span length, route angle, cable suspension height, and the rated 
voltage of the line, primarily focusing on 110 kV lines. The analyses involved determining forces according to 
code action systems as outlined in standards [3] and [4]. An example of a single-traverse column from the UMKW 
system is illustrated in Fig. 2a. 

4. Research on the structure of UMKW on a natural scale 

The requirement for all newly designed power line poles is to undergo real-scale testing, which is governed 
by the specifications of the European standard [5]. The modular supporting structures of the UMKW system have 
successfully passed these tests at the Elektromontaj SA Tower Testing Laboratory in Bucharest. The testing 
process included six poles representing all tension levels, differing in shape (single-shaft poles and portal frames) 
and the arrangement of stays. A photograph of one of the tested columns is featured in Fig. 2b, alongside the load 
pattern shown in Fig. 2a. 

5. Summary 

The UMKW system is designed to ensure the continuous transmission of electricity via power lines in 
emergency or repair situations. Developed for 110, 220, and 400 kV transmission and distribution lines, the main 
advantage of the system lies in its ability to rapidly assemble the necessary supporting structures. The design 
solutions adopted allow the UMKW poles to replace various types of poles, even in challenging terrain conditions. 
Several years of conceptual, design, and analytical work, alongside a range of field tests and software development 
efforts, have culminated in the creation of the first Polish comprehensive system of temporary support structures. 
With its broader implementation, the UMKW system is expected to significantly reduce the time required to restore 
the functionality of power lines during emergencies. The initial implementations and growing interest from the 
energy community suggest that the system’s popularity is set to increase. 
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1. Introduction 

RC flat slabs are one of the most popular and effective methods for shaping plates in buildings. They are 
favoured by architects for their flexibility in shaping the space within a building and are easier to manufacture 
compared to slabs with beams. However, flat slab systems are more susceptible to the development of progressive 
collapse because they lack beams to help redistribute loads in an accident situation [1]. 

2. Tying system in flat slabs 

Methodologies for preventing accidental or unlikely structural failures are categorized into two approaches: 
direct and indirect. The direct approach involves recognizing potential hazards and ensuring that the structure is 
adequately fortified against their effects. It incorporates two primary strategies: one based on determining the value 
of exceptional impacts and another focused on limiting local failure. The indirect approach, on the other hand, 
simplifies design by overlooking the initiating actions and focuses only on their potential effects, such as the loss 
of a load-bearing member. 

Two design methods that can mitigate the effects of possible structural failure are the key element method 
and the Alternate Load Path (ALP) method. The key element method involves designing a critical load-bearing 
element in such a way that its failure does not lead to disproportionate or extensive damage beyond a specified 
area, ensuring it can withstand the design exception load. The Alternate Load Path (ALP) method, conversely, 
accommodates the failure of a specific element by utilizing the additional strength and ductility of the materials 
and the enhanced load-bearing capacity afforded by the structural geometry, allowing it to support much greater 
loads than originally designed. 

The effectiveness of the ALP method heavily relies on well-formed ties that connect the structural elements. 
Using formulas specified in standards [2] and [3], it is possible to calculate the force in the horizontal ties which 
helps redistribute vertical loads following the failure of supports. Generally, the force in the tendon between 
supports can be assumed as: 

𝐹 = 0,8(𝑔 + 𝑝)𝑙 lub 75 kN (1) 

where:  

g – permanent surface action applied on the considered floor; 
q - variable surface action applied on the considered floor; 
l -  the span of the tie. 

The research and numerical analysis presented in this paper aim to more precisely understand the phenomena 
occurring in the RC flat slab system and to assess the influence of the applied additional protection of the flat slabs 
against progressive collapse in the event of the failure of one of the supports. 
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3. Experimental design 

The subject of the experimental investigations was a sixteen-field RC flat slab model, as depicted in Figure 1. 
The research focused on verifying the impact of reinforcement bars made of B600B steel on the potential 
development of progressive collapse following the removal of an edge support. The test model, designed at a 
1:3 scale, accurately replicated the operation of the actual system.  

In this model, the axial spacing of the supports was set at 2400 mm, resulting in a total slab dimension of 
9900x9900 mm, taking into account the dimensions of the supports. The model was supported by 25 square precast 
columns, each measuring 300x300 mm and 1900 mm in height, and were articulated to the strength floor. The 
thickness of the plate was determined based on the condition of 1/30 of the floor span between supports, resulting 
in a thickness of 80 mm. The reinforced concrete columns were prefabricated, while the remaining part of the 
monolithic model was constructed at the Department of Structure Research at Rzeszow University of Technology. 

 
a) 

 
b) 

 
c) 

Fig. 1. A simplified view of the model accepted for research: a) plan view, b) section A-A, B-B,  
c) perspective view 

The large dimensions of the columns, relative to the plate thickness, were specifically chosen to prevent 
punching through over a significant portion of the anticipated load. Above the plate, where a column was removed, 
a segment of a higher-storey column was simulated to facilitate the transfer of loads from the actuator. In models 
1, 2, and 3, the columns that were removed were simulated using easily dismantable slab props. 

According to EN-1992-1-1 [3], structures that have not been specifically designed for exceptional actions 
should incorporate an adequate tie system. This system acts as a bridging mechanism after local failure to prevent 
progressive collapse. The bottom reinforcement configurations for the models were as follows: 

 Model 1 (M1) utilized 2ϕ10 bars with an area of steel (As) of 157 mm²; 
 Model 2 (M2) utilized 2ϕ12 bars with As = 226 mm² 
 Model 3 (M3) utilized 3ϕ12 bars with As = 339 mm². 

For slab reinforcement, bars with a diameter of 10 mm were used, while bars with diameters of 16 mm and 
12 mm were employed to shape the slab-to-column joints and the tie system. The material parameters of the 
reinforcing steel used were determined during the tests and are detailed in Table 1. The concrete utilized in this 
study was of class C30/37, with a maximum aggregate size of 8 mm. 

Table 1. Average values of reinforcing bars parameters obtained in tensile tests 

Yield strength Tensile strength Modulus of elasticity Strain 
fym      ftm   E   uk   

MPa MPa % MPa MPa % GPa GPa % % % % 
658.1 67.0 10.2 743.2 66.5 8.9 200.5 9.7 4.8 8.7 1.6 18.8 

where:  – standard deviation of individual parameters,  – coefficient of variation of individual parameters. 
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The loading of each separated research model was conducted in two main stages. In the first stage, gravity 
loading was progressively applied to represent the assumed permanent and variable actions on the plate. For this 
simulation, concrete elements weighing 200 kg and 100 kg were utilized, arranged in such a way to generate 
maximum values of internal forces in the slab at the area of the removed column. Depending on the model, the 
weights were suspended at 54 or 72 points on an 800 x 800 mm grid. Once all the assumed gravity loads were in 
place, the next step involved simulating a catastrophic event by removing the edge support. This was done under 
full gravity loading, where the support at the column location was removed, and the potential real-world forces at 
the damaged column location were simulated using a hydraulic actuator. The concentrated load was applied in 
increments of 5 kN until failure, utilizing an Instron-Schenck actuator. 

To measure the displacements, inductive and draw-wire sensors were employed, mounted on a specially 
designed support structure in the area of the removed support. The arrangement of sensors was strategically 
planned within the two fields of the slab most affected by the failure. Additionally, the ARAMIS optical image 
correlation system, developed by the German company GOM, was used to measure the displacements of the plate. 
Displacements in the fields adjacent to the mainly loaded fields were measured using a conventional total station, 
with the measurement setup consisting of 8 prisms and a Leica total station. 

During the tests, strain gauges and fiber optic strain sensors were used to measure strain. In the tested element, 
76 electrofusion strain gauges TFs 5/120 were affixed to the reinforcing steel and 36 strain gauges TFs 60/120 to 
the concrete, with the distribution of strain gauges strategically designed in areas adjacent to the removed supports. 
Fiber optic strain sensors were also employed, allowing for quasi-continuous measurements along the length of a 
single fiber at 1 cm spacing. These sensors were placed along the reinforcing bars of the bottom rim reinforcement. 

4. Results of experimental test 

The key location for the analysis of the plate was at the point where the support was removed. Initially, the 
vertical displacement values of the plate at this location were plotted as a function of the applied loads, with the 
failure load specifically highlighted. This is illustrated in Figure 2. 

 
a) 

 
b) 

Fig. 2. Diagram of vertical displacements in the place of removed support as a function of load 

5. Conclusion 

 The failure force obtained from the tests for model M1 was three times higher than the maximum design 
value of the axial force in the removed column, which was about 40 kN. Assuming the maximum 
measured angle of rotation of the plate over the support, which is 13.9°, we calculate that the force in the 
tendon formed after the failure of the column is about 500 kN. These results confirm that the structure 
achieved a much higher ultimate load than predicted by the design calculations. 

 Comparing models M1 and M2, it can be seen that the main reinforcement of the slab significantly affects 
its post-failure capacity due to the failure of the support. The study showed that increasing the area of the 
tie reinforcement by 43% resulted in only a 23% increase in the failure load. However, considering the 
applied reinforcement in the tie of the potential tendon (i.e., half of the span between columns), the total 
increase in the area of the bottom reinforcement in the M2 model is only 11%. 
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 The study also showed that the location of the removed support is crucial for the post-failure performance 
of the structure. In the case of the M3 model, a 62% increase in load compared to the M2 model was 
observed, while the area of the tie reinforcement was increased by 50%. 
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1. Introduction  

Properly designed reinforced concrete structures are characterized by a significant degree of safety. Their 
stiffness, resulting from the massive cross-sections of the elements, limits deformation, and the concrete 
constituting the reinforcement matrix ensures high fire resistance and corrosion protection. The reliability of the 
structure is guaranteed by standardized design principles that ensure an appropriate level of safety both on the load 
side and on the material strength side. Even in cases of design, execution, or operational errors, reinforced concrete 
structures typically do not undergo a sudden collapse; instead, problems are usually indicated by excessive 
deformation [1] or cracking [2]. 

This paper presents a study of two separate construction cases in a critical stress-strain state. In the first case, 
despite a significant lack of reinforcement, the structure did not collapse. In the second case, a coincidence revealed 
internal construction problems that were not visible before the failure but posed a threat to the facility's users. 

2. The building under conservation protection in Warsaw 

The building complex was constructed around 1920 [3] for the Mechanical Shoe Factory "Polus" S.A. In 
recent years, the facility has served as the headquarters for various social initiatives, including theaters, and has 
provided a space for creative work and an aid point for charity organizations (Fig. 1a). During an inspection of the 
part of the building that was excluded from use, significant deflections of the slabs were observed (Fig. 1b). Upon 
removing the plaster from the slab above the second floor, cracks on the concrete surfaces were found. These 
cracks had openings exceeding 1.0 mm (Fig. 2). 

 
a) 

 
b) 

Fig. 1. a) view of the building from the south-east b) visible deflection of the slab above the second floor 

 
a) 

 
b) 

Fig. 2. Measurement of the crack width in the slab above the second a) crack width 1.0 mm b) crack width 1.2 mm. 
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Leveling measurements of the deflection of the slabs above the ground floor, first floor, and second floor 
were conducted. Abnormalities were observed in the ceiling above the second floor, with the deflection of the slab 
in the front part of the building measured at 102 mm, and the deflection over the central outbuilding at 141 mm. 
According to [4], deflections exceeding l/250 (where l is the span of the slab) may deteriorate the appearance and 
functionality of the structure, while deflections greater than l/500 may damage adjoining elements such as partition 
walls, which are present on the analyzed slabs. Significantly greater deformations directly compromise structural 
safety. In this context, the measured deflections of the slab did not meet the Serviceability Limit Conditions. 

Numerical calculations revealed that the ultimate limit state (ULS) of the reinforced concrete floors above 
the ground floor, first floor, and second floor is not met. The load capacity is exceeded threefold in the longitudinal 
direction for the assumed loads. The slabs did not collapse, likely because they were never fully loaded and were 
partially restrained by the masonry walls. Calculations indicated that the floor requires reinforcement due to 
punching shear, which is currently not present in the structure. The exceedances of the punching shear resistance 
are 58%, 47%, and 61% for the slabs of the ground floor, first floor, and second floor, respectively. The analyses 
show that the ceilings, in their current state, are not suitable for further use. Strengthening the floor slab above the 
second floor is particularly challenging due to the severely deformed surface of the structure, with visible 
deformations both from the bottom and top of the slab. For the ceilings above the ground floor and first floor, it is 
possible to add a concrete thickness of about 10 cm and use composite mats on the bottom of the slabs. 

3. Underground garage in Warsaw 

On November 22, 2019, approximately 200 kg of a concrete head fragment detached from the slab of the 
underground garage in Warsaw and collapsed onto a car parked at the pole (Fig. 3a). The damaged column head 
measured 0.22 x 0.7 x 2.8 m. The detachment occurred across the entire width of the head and half of its length, 
resulting in a damage shape similar to a pyramid. Small detachments of concrete were also observed on the adjacent 
head at the expansion joint. 

A visual inspection revealed no longitudinal or transverse structural reinforcement in the damaged zone at 
the height of the head. The bars shown in Fig. 3b represent the bottom reinforcement of the floor slab. The 
remaining column heads in the adjacent underground garages did not exhibit any scratches or other damage. 
According to facility users, the column head was damaged while driving the floor of a truck adapted for municipal 
waste collection (the garage ceiling also served as a patio between a group of residential buildings). 

In theory, only compression should occur in the column heads. To explain the cause of the concrete fragment's 
detachment, static calculations were performed. A spatial shell-bar model of the structure was prepared (Fig. 4), 
along with a shell model of the roof strip in the axis of the column with the damaged head. The calculations 
considered the actual constant and variable loads (snow and vehicle), and the live load caused by a truck in the 
spatial model was analyzed according to the standard [5]. 

 
a) 

 
b) 

Fig. 3 View of the damage site a) front view b) side view, the arrow marks the bottom reinforcement of the slab 

The calculations yielded tensile stress values of 3.3 MPa at the head joint with the ceiling and 9.5 MPa at the 
edge of the head with the column. These values exceed the tensile strength of concrete. The calculation results also 
showed that the floor met the Ultimate Limit State conditions, except for the heads of columns at 
the expansion joints. 
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The Serviceability Limit State in deflections was met for the entire floor slab. The maximum calculated 
deflection was 73% of the permissible value, and the measured displacements were also smaller than the calculated 
and allowable values. 

An analysis of publications [7, 8, 9] on reinforced concrete structures, issued before the design and 
construction of the object, indicates that they recommend the use of structural reinforcement in the column heads 
in the form of a horizontal mesh made of 8 to 10 mm rods with a spacing of 10 to 15 cm. In addition to the structural 
reinforcement in the head, appropriate reinforcement for punching shear should be used if necessary. It is unclear 
whether the lack of reinforcement was due to a design or execution stage oversight. The available design 
documentation did not include detailed plans for the ceiling above the garage halls. 

 

Fig. 4 Tensile stress areas (MPa) in the shell-bar numerical model 

4. Summary 

The described cases are representative examples of the behavior of reinforced concrete structures under 
pre-failure and critical stress-strain conditions. In the first analyzed building, despite the lack of reinforcement in 
the floor slabs and deformations exceeding the allowable deflection values for serviceability limit states, there has 
been no structural disaster over the 100-year history of the building. This can be attributed to the non-occurrence 
of maximum possible loads and the phenomenon of internal force redistribution. 

In the second case, a sudden failure contributed to the verification of the load capacity of the structure. Despite 
the absence of visible cracks and deflections, the structure still posed a threat to its users. The load caused by the 
passage of a heavy car exceeded the tensile strength of the unreinforced structure, revealing internal defects of the 
slab. The primary issue was the absence of structural reinforcement, which is crucial for ensuring the reliability of 
the structure. Applying the principles of technical knowledge in each of these cases would undoubtedly ensure 
safety of use and extend the life cycle of each structure. 
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1. Introduction 

Industrial water cooling is an indispensable element of many technological processes. When cold water from 
sufficiently large reservoirs or rivers is not available, cooling towers are used to exchange heat with the 
atmosphere. The two main types of cooling towers are mechanical draft and natural draft. Natural draft cooling 
towers are most commonly constructed from reinforced concrete, though steel or wood may also be used. 

This work presents the most common defects and damage found in typical cooling tower structures, including 
their causes and, where relevant, comments on the repair technologies applied. 

2. Construction of a typical reinforced concrete cooling tower: an overview 

The structure of a typical reinforced concrete natural draft cooling tower consists of the following 
components, from bottom to top: an annular foundation, a collecting basin with a surrounding drip zone, a system 
of diagonal or upright columns, and a hyperbolic shell topped with a stiffening beam that also serves as a walkway. 
Except for the columns, which were made as prefabricated units in some towers, all these components are 
monolithic concrete elements. The internal structural elements are also made of reinforced concrete. 

Additionally, the structural elements of cooling towers include auxiliary steel structures, such as access 
ladders and guardrails. 

3. Typical defects of and damage to the structural elements 

A significant number of reinforced concrete natural draft cooling towers in Poland have been in operation for 
several decades under challenging environmental conditions. This prolonged exposure has led to various types of 
damage, some of which have already been repaired in certain cases. Additionally, some cooling towers had original 
defects that were impossible to rectify. While the types of damage and defects are extensive and typical of 
structures subjected to long-term operation, certain issues are particularly characteristic of cooling towers. The 
following text provides brief descriptions and photographs of these problems. 

Specific conditions in which cooling towers operate include: 

 Continuous submersion or exposure to water for their lower elements. 
 Permanent contact with water vapor inside the shell. 
 External exposure to water vapor from adjacent structures and flue gas. 
 Direct impact from atmospheric conditions and significant temperature variations. 

For many years, the acidification of process water was used to prevent algae growth, but this method 
accelerated corrosion-related phenomena in concrete and steel. 

Damage and Defects of the Collecting Basin and Drip Zone 

The basin bottom and walls are monolithic structures typically made of low-grade concrete, leading to freeze-
thaw damage in zones of variable moistness. This damage is compounded by original defects such as concrete 
segregation in areas with increased reinforcement density. The drip zones often exhibit shrinkage cracks and are 
incorrectly joined with the basin walls (Fig. 1). 
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a) 

 
b) 

Fig. 1. Typical damage to: a) the basin wall, b) the drip zone 

Damage to and defects of the shell supporting columns 

Columns supporting the shell were made as prefabricated units in most of the cooling towers in question. The 
main defect is insufficient cover thickness resulting in reinforcement bar corrosion, sometimes intensified by very 
poor quality of the concrete used to make the columns (Fig. 2). In rare cases, the columns are incorrectly seated, 
have geometrical defects or display damage stemming from the mounted steel brackets. In principle, the columns 
should not come into contact with process water, but they are often partially flooded for long periods due to air 
flow disturbances, which causes their icing in winter (Fig. 2). 

 
a) 

 
b) 

Fig. 2. a) column made of poor-quality concrete, b) iced columns 

Damage to and defects of the tower shell 

The shells of numerous cooling towers suffer from corrosion, causing the concrete cover to loosen and fall 
off (Fig. 3). This damage results from the use of low-grade concrete, careless placement of reinforcement, and 
workmanship defects in the concrete. Water leaks are frequently visible, indicating structural defects in the 
concrete (Fig. 3). The inner surfaces of the shells show signs of protective layer loosening and calcium 
salt leaching. 

 
a) 

 
b) 

Fig. 3. A) reinforcement corrosion and falling-off cover, b) water leaks 
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Damage to and defects of the upper beam (the walkway) 

The damage observed within the upper stiffening beam is similar to that noticed in the shell but is intensified 
by greater exposure to high moisture and freeze-thaw cycles (Fig. 4). 

Damage and Defects of the Internal Load-Bearing Elements 

The prefabricated internal support elements, such as columns and beams, were made of relatively high-grade 
concrete, which has enhanced their durability. A typical defect in these areas is the corrosion of reinforcement due 
to an insufficiently thick concrete cover. Additionally, severe mechanical damage from the structure assembly 
period is observed in some areas (Fig. 4). 

 
a) 

 
b) 

Fig. 4. a) corrosion of the walkway, b) damage to internal elements 

Damage to and defects of the auxiliary steel structures 

The primary damage to the steel structures (ladders and guardrails) is corrosion of varying degrees, including 
complete destruction in extreme cases (Fig. 5). This damage is usually more severe on higher towers. Original 
defects include numerous geometrical inaccuracies and, less frequently, the absence of screws fixing the support 
elements of the ladders to the reinforced concrete structure. 

4. Selected typical methods of repair 

Repairs of damaged or worn-out reinforced concrete structures are standard practices and are covered by 
relevant standards. Materials used during repairs, such as Polymer Cement Concrete (PCC) and Engineered 
Cementitious Composites (ECC), are also typical. Cooling towers frequently undergo extensive surface repairs 
with shotcrete. Unfortunately, some of these repairs have proven to be ineffective or even harmful, hence they are 
discussed in greater detail below. 

A key factor in repairs is achieving good bonding between the new concrete and the original material. Thin 
layers without reinforcement usually bond well, although exceptions do occur (Fig. 6). However, applying a thick 
layer of shotcrete with typical reinforcement can pose problems, as it tends to separate from the original shell 
during the repair process. This separation results in further damage, characterized by clearly visible water 
leaks (Fig. 6). 

 
a) 

 
b) 

Fig. 5. Corrosion of the ladder (left), and removal of a corroded guardrail (right) 
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a) 

 
b) 

Fig. 6. Shotcrete coming off (left), and water leaks from underneath the concrete (right) 

It must be mentioned that the repair technology depends on the chemical condition and durability of the 
concrete. Additionally, the repair scope must be adjusted to the anticipated operational period of the cooling tower. 

5. Summary 

A significant part of the cooling towers operated in Poland was built in the 1960s and 1970s, meaning they 
have been used for several decades under difficult conditions. Additionally, some structures were made of low-
grade concrete and exhibit numerous original defects. Consequently, their technical condition varies from good to 
breakdown-inducing or even disastrous. Most of the existing cooling towers have already undergone overhauls, 
which were usually performed correctly; however, certain repairs were inappropriate, further deteriorating the 
technical condition of the structures. 

This work lists the most common defects and types of damage in cooling towers, describing their causes. 
Only certain kinds of repairs are mentioned, as most of them are typical. 

Despite the similarity of structural and material solutions, each cooling tower requires an individual approach. 
Numerous original defects and greatly varying operating conditions have resulted in diverse technical states of the 
towers after long-term use, even in the case of identical cooling towers situated next to each other. Still, these 
facilities demonstrate how durable reinforced concrete structures can be, even when operated in extremely 
unfavourable conditions. 
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1. Introduction 

The quality of the developed design documentation and adherence to the technological regime during 
construction work have a decisive impact on the subsequent safety of the structure and the safety of building use 
[1-2]. This paper describes the defects and damages of an open, rectangular reinforced concrete tank for hot process 
water, which failed during a short period of operation [3-11]. The article also presents the proposed solution to 
address the existing damage to the tank structure. 

2. General information 

The analyzed tank was a single-chamber tank with a reinforced concrete structure, set on a foundation slab 
supported by piles. The external dimensions of the tank were as follows: width (B) = 8.2 m, length (L) = 20.7 m, 
maximum depth (H1) = 7.25 m, and total height (H2) = 8.1 m (height of the walls from the floor to the upper 
edge). The outer walls of the tank were made of reinforced concrete, monolithic, poured on-site, with a constant 
thickness of 35 cm, constructed from C30/37 class concrete, and reinforced with A-III N class bars. The tank also 
included a drainage chute along its length for drainage pumps. On the inner surfaces of the walls and chute ramps, 
cladding made of basalt slabs was installed to protect the concrete against abrasion. 

3. Description of faults and damage to the tank 

During the inspection and diagnostic measurements, the following issues were found: numerous scratches 
and cracks in the walls, intense cracking at the corners, active water leaks through existing scratches and cracks, 
and extensive changes in the concrete structure, including insufficient vibration and visible traces of previously 
performed repairs (injections). In the repaired areas (filled cracks), active water leaks were still visible. 

4. Analysis of the condition of the existing tank 

Based on the initial analysis of the crack morphology, the negative impact of the temperature gradient was 
identified as a potential source of the problems. During site visits, temperature measurements were taken on the 
outer surface of the tank walls using two methods: point-by-point measurements with a pyrometer calibrated with 
a classic thermometer applied to the tank surface, and using a thermal imaging camera. 

During the operation of the installation, cool water was stored in the tank, into which hot coke was discharged 
twice a day. During the discharge period, there was a sudden, uncontrolled increase in water temperature by several 
dozen degrees Celsius. The water temperature varied throughout the year, depending on the weather conditions, 
as the reservoir was not heated. Consequently, the water was warmer in summer and cooler in winter, although it 
did not freeze. 

Temperature measurement 

Control measurements of the temperature of the outer surfaces of the tank walls were conducted during the 
winter period (February), one day before and immediately after the coke discharge, with a two-hour interval 
between the measurements. 
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Reinforcement scanning 

The non-destructive test, which involved scanning the reinforcement, was carried out using a ferromagnetic 
detector. The number, spacing, and diameter of the reinforcement bars embedded in the tank walls (at the outer 
plane of the tank wall) were generally in line with the design specifications. The average cover thickness of the 
reinforcement bars ranged from 7 to 8 cm, which was greater than the 4 cm assumed in the design. 

Concrete tests 

To determine the actual class of concrete used in the tank walls, concrete samples were collected in the form 
of core boreholes. The concrete met the requirements for strength class C40/50, while the design documentation 
assumed the use of concrete class C30/37. The bulk density of the concrete in the collected cores ranged from 
2.33 g/cm³ to 2.38 g/cm³, with an average of 2.37 g/cm³. The water absorption of the concrete ranged from 4.3% 
to 4.9%, with an average of 4.5%. The ion content relative to the cement mass was as follows: Cl- ranged from 
0.020% to 0.026%, and SO4

2- ranged from 0.033% to 0.039%. The pH of the concrete samples ranged from 11.8 
to 12.1, indicating that the concrete maintained its natural ability to protect the reinforcement against corrosion. 
The homogeneity of the concrete, determined by the sclerometric method using a Schmidt N-type hammer, was 
assessed as sufficient. 

Checking static and strength calculations 

Based on the static and strength analysis of the tanks, it was found that: 

 in the existing state, for the water test, without taking into account the influence of temperature, the tank 
complied with the Ultimate Limit State (ULS) standard requirements. The built-in amount of 
reinforcement was sufficient to safely fill the tank with cool tap water (~ 100C); 

 in the existing state, in the summer period, for the standard value of air temperature, the tank complied 
with the ULS and SLS standard requirements; 

 in the existing state, in winter, for the standard value of air temperature, the tank did not meet the ULS 
and SLS standard requirements; 

 in the existing condition, in winter, for the actual air temperature measured during the local inspection, 
the tank did not meet the ULS and SLS standard requirements; 

 after the final repair and insulation, in the winter period, for the standard value of air temperature, the 
tank will meet the ULS and SLS standards. 

5. The method of repairing the tank 

Following the technological limitations as well as organizational and economic conditions, it was proposed 
to repair the reservoir in two stages: 

Stage I (temporary) 

The scope of work included sealing the leaking tank walls by: 

 Flushing the existing scratches and cracks. 
 Filling the scratches with a flexible, polymeric sealing material. 
 Priming the entire surface of the walls (from the outside) with a primer. 
 Applying a highly flexible polymer-epoxy membrane to the entire surface of the walls. 
 Insulating the walls along their entire height with 15 cm thick thermal insulation material (extruded 

polystyrene (styrodur)) [12]. 
 Temporarily protecting the thermal insulation surface with a mineral coating against mechanical damage, 

with thin-layer mineral plaster recommended. 
 During the repair work, particular attention was paid to the necessity of installing flashing at the top of 

the tank walls to limit the possibility of flooding (dampening) the thermal insulation material in the event 
of water overflowing through the upper edge of the tank. 

 The proposed repair method should be treated as temporary, as it does not eliminate the causes of failures 
and damages, but only partially limits the negative impact (gradient) of temperature and slows down 
destructive processes. 
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 Until the completion of Stage II works, and after the completion of Stage I works, it was recommended 
to constantly monitor the tightness of the tank. 

Stage II (final) 

To reduce (eliminate) the negative influence of temperature, it was recommended to install thermal insulation 
inside the tank. This will require: 

 Temporarily shutting down the tank (during the planned maintenance shutdown). 
 Emptying the tank of water. 
 Dismantling the inner lining of basalt plates. 
 Installing a new layer of thermal insulation. 
 Constructing an internal tank made of stainless steel. 
 Putting the tank back into service. 

The proposed method aims to limit (eliminate) the negative influence of temperature on the reinforced 
concrete walls of the existing tank. During the assembly of the internal metal tank, special attention must be paid 
to the method of fixing the designed thermal insulation to the reinforced concrete walls and ensuring the 
cooperation of the internal (steel) tank with the external (reinforced concrete) tank, with particular emphasis on 
the influence of temperature changes on the connectors. 

6. Conclusions  

The analyzed tank was incorrectly designed. The reinforced concrete structure of the tank did not meet the 
requirements of the Ultimate Limit State (ULS) and Serviceability Limit State (SLS) due to the permissible 
crack opening. The direct cause of water leaks through the walls of the reservoir was a design error that involved 
underestimating (or omitting in the calculations) the influence of temperature changes during operation on the wall 
strain. As a result of this error, all walls of the tank developed cracks, and almost the entire surface 
became unsealed. 
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1. Introduction 

For several years (1962-2018), the study of the impact of design, construction, and operation quality on 
building hazards, failures, and disasters was conducted by the Building Research Institute [4]. It must be 
remembered that the technical condition of balconies affects the adjacent structural elements, such as ceilings and 
perimeter walls. Despite the large scale of the problem, there is still a lack of systematic research or evaluation of 
these failures. Additionally, there is a lack of effective and durable solutions to improve the condition of balconies 
implemented in specific systems. 

The problems and issues associated with assessing the technical condition of balconies and loggias and 
designing modernization of large-panel buildings in this regard can be summarized as follows: 

 There is a lack of commonly available technical drawings detailing how balconies are supported in some 
systems (e.g., the big-block system used in the Lublin region). 

 Multiple renovations of balconies and loggias were carried out individually and often unprofessionally. 
 Existing building modernizations, such as insulation, did not always include comprehensive balcony 

renovations and often interfered with their space and elements. 

This paper attempts to address the extent to which small prefabricated cantilevered balconies have worn out 
technically [5] and functionally after 40 years of use. It also examines how past renovations have affected the 
safety of these balconies. 

Drawings reconstructing the support of balconies in prefabrication systems found in the Lublin region are 
presented, based on literature, own research, and discoveries. Cases of balcony damage, both those present 
originally and those resulting from inadequate renovations, are described. A checklist of places and factors related 
to balconies that should be checked during periodic inspections of prefabricated buildings is proposed. Moreover, 
the paper attempts to indicate possible directions for effective balcony renovation, focusing on both durability and 
quality of use. 

2. Selected examples of prefabricated cantilevered balconies 

Despite the fact that the current repair has been repeated twice (2002, 2006) and a major overhaul was 
conducted (2012-2014) with the finishing layer of the balcony slab covered with ceramic cladding (Fig. 1a), the 
problem of leakage through the slab and the renewed flaking of the slab's bottom layer have not been resolved 
(Fig. 1b). So far, the manager has not made a decision on another major repair or replacement of the balconies. 
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a) 

 
b) 

Fig. 1. Balconies in a large-panel building in OWT-67 system: a) general view of balcony after two current repairs and one 
major repair with ceramic cladding, b) balcony - bottom of the balcony slab, peeling and losses after the third repair (major 

repair), despite the execution of the ceramic cladding from above. 

3. Check-list for evaluating prefabricated cantilevered balconies 

A checklist for a structured balcony inspection assessment has been developed based on many years of 
observations, supported by sociological surveys of residents' urgent needs conducted three times, every five years 
[6], and the ITB instruction from 2002 [7]. It has also been noted that the guidelines for assessing the technical 
condition of prefabricated balconies developed by ITB [7] 20 years ago need to be updated and supplemented. 
Below is an updated checklist for the periodic assessment of small prefabricated cantilevered balconies. The list 
of damages, the absence or presence of which must be ascertained, and other factors to be identified is as follows: 

 Deflection of the ends of the balcony supports. 
 Scratching of the reinforced concrete elements of the balcony, especially cracks on the upper surface of 

the balcony along the contact with the external wall. 
 Cracking or cavities on the lower surface and the edges of the balcony structure.  
 Corrosion damage to the steel components of the balcony structure (reinforcement bars, brands or caps). 
 The balcony's lower surface or its edges are wet, discoloured or peeling. 
 Salts on the lower surface of the balcony or the balcony edges. 
 Overgrowth of vegetation on the upper surface of the balcony. 
 Cracking, blowing out, and loss of the finishing layer on the balcony slab. 
 Lack of proper slopes, stagnation of water on the slab surface.  
 Cracking or spalling around balustrade post seating areas.  
 Corrosion or loss of steel balustrade elements.  
 Cracking or loss of elements filling the railing framework (panels of: reinforced concrete, reinforced 

glass, plastic, ligno-cement, etc.). 
 Loosening of railings in the external wall or cut off from the wall during their insulating the building. 
 Missing, deformed, or corroded flashings. 
 Dampness of the exterior walls at the perimeter or along the contact with the balcony slab. 
 Dampness of floor layers in the apartment at the balcony door threshold. 
 Wetting of the corners of external walls and the ceiling below the balcony slab. 
 Additional top layers, such as secondary ceramic tiles with slope levelling. 
 Enclosure of the balcony with curtain walls.  
 Excessive loads on the balcony slab, exceeding the standard value. 
 Proper installation of additional equipment such as steel grilles, satellite dishes, air conditioners, etc. 

4.  Suggestions for corrective action 

Replacing balconies with larger ones, such as additional ones (Fig. 2), eliminates the problems of technical 
wear and tear for the next 20-30 years and addresses functional wear and tear. 
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Fig. 2. Poland, Kozienice 2020, fragment of prefabricated building facade. During the insulation of the walls, a major 
renovation of some of the small balconies was carried out and the remaining ones were replaced to additional balconies of 

steel construction with PVC panels. Also balconies were added on the first floor 

5. Conclusion 

 The analysis of small prefabricated cantilever balconies has confirmed that after 40 years of use, 
irrespective of the realization system—big-block (WBLŻ) or big-panel (OWT-67)—the repair problems, 
especially concerning the balconies, and their technical and functional wear are similar. 

 The most frequent damages of balconies in buildings of the WBLŻ and OWT-67 systems in the Lubelskie 
voivodeship are: edge losses of concrete, local dampness, discoloration, flaking and salting on the lower 
surface and edges of the balcony structure, lack of proper slopes, water stagnation on the surface of the 
slab, dampness of the floor layers in the apartment, lack of flashings or their deformations, dampness of 
external walls at the contact with the balcony slab, and cutting off the balustrade from the wall during 
wall insulation. 

 The aforementioned damages have occurred either as a result of original errors or as a result of not 
removing the original defects during renovation. Generally, many renovations proved to be ineffective or 
caused secondary damage. 

 Good practices from abroad and in Poland (Fig. 2) confirm that the replacement of balconies is the right 
course of action because it is more economically viable and effective than repeated repairs. 
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1. Introduction  

Apart from technological lines, industrial floors are a key element in maintaining the continuity of work in 
both production plants and logistics centers [1,2]. The constantly developing industry of industrial flooring 
encompasses both classic design and technological flooring solutions, as well as specialized solutions used in 
facilities where technological processes or storage require system protection against static electricity [3]. Essential 
design and implementation activities, beyond the use of earthing systems for the elements of the supporting 
structure of the facility, include the execution of anti-electrostatic floors with parameters and functional features 
adapted to the facility's function [4,5]. 

2. Characteristics and classification of antistatic floors 

The basic criterion for the classification of antistatic floors is electrical conductivity. Table 1 shows the 
division of floors according to [6]. 

Table 1. Division of antistatic floors according to [6] 

Floors 
conductive dissipating electrostatic charge insulating 

Ru < 1 • 105 Ω 1 • 105 Ω ≤ Ru < 1 • 108 Ω Ru ≥ 1 • 108 Ω 

Table 2. Classification of materials according to [7] 

Floors 
antistatic conductive antistatic 

partially conductive 
having no properties 

anti-electrostatic 
ρv ≤ 1 • 104 Ω • m i/lub 

ρs ≤ 1 • 107 Ω 
1 • 104 Ω • m < ρv ≤  1 • 107 Ω • m 

i/lub 1 • 107 Ω < ρs ≤ 1 • 1010 Ω 
ρv >  1 • 108 Ω • m i/lub 

ρs >  1 • 1010 Ω 

Materials used on floors are also classified, based on the criterion of volume electrical resistivity (ρv) and 
surface (ρrs). Their division is presented in Table 2. 

The most commonly used solutions for anti-electrostatic floors in industrial facilities involve the use of floor 
slab finishes in the form of ESD (Electrostatic Discharge) floor coverings based on PVC (polyvinyl chloride), 
resin coatings, and surface-hardened concrete monolithic floors with DST (Dry Shake Topping).  

3. Methodology of tests and measurements of antistatic floors 

Measurements of antistatic floors are made after the seasoning of the finishing coatings. For lining and resin 
flooring systems, the recommended minimum time from the implementation of the floor is 7 days, whereas for 
concrete floors, this period is 28 days. 

The assessment covers the measurement of electrical resistance (Ru) and the equivalent resistance measured 
between the floor surface and the earthing mains (Rgp). 
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In order to classify the material the floor is made of in terms of its anti-electrostatic properties, the surface 
electrical resistance (Rs) is measured and the surface electrical resistivity (ρs) is determined. 

The report on measurements should specify: 

 The number of measurement points. 
 The ratio of % measurement points to m² of free floor area. 
 The ratio of % measurement points to the floor area in the tested area. 
 The percentage share of the surface resistance (Rs) measurement points. 

Additionally, the report should include: 

 The date on which the floor was made. 
 Important construction and material data. 
 The date of measurements. 

4. Examples of errors in concrete floors in the DST technology in terms of their anti-
electrostatic properties 

Example 1 

The floating floor, 22 cm thick, was designed using C25/30 XC2 concrete with an upper substructure 
stabilized at Rm = 2.5 MPa and a thickness of 20 cm. The floor was designed to be steel fiber reinforced with local 
reinforcements. The design documentation specified the implementation of an anti-electrostatic monolithic 
concrete floor using Bautech Antistatic DST System technology, along with the installation of the earthing system 
within the construction plate. 

During the implementation stage, the earthing system was installed directly on the layers of the upper 
foundation, in front of the sliding layer made of PE foil, similar to the building's lightning protection systems. The 
sliding layer acts as an effective separation layer between the conductive structure of the slab and the earthing 
installation, preventing the charge from being fully discharged from the slab structure. 

To resolve the problem, it was proposed to dismantle the installation, align the foundation, lay a sliding layer, 
and then correctly install the load discharge installation at a height of approximately 1/3 from the bottom 
of the floor. 

Example 2 

The 20 cm thick floor was designed using C25/30 concrete, reinforced with dispersed reinforcement, and 
finished with the Bautech Antistatic DST System. It is a floating floor laid on a sliding layer of PE foil and a 10 cm 
thick substructure made of C8/10 class concrete. 

The design documentation specified the implementation of floor markings, including those for separate traffic 
zones and parking zones, using conductive paints with appropriate parameters and approvals. The area intended 
for paint coatings was to be no more than 5% of the total usable area. 

However, the floor marking was carried out using non-conductive coatings on approximately 8% of the 
surface. After the completion of the works, verification measurements regarding the discharge of charges from the 
floor showed that in the zones where the floor marking was performed, there was a local phenomenon of charge 
accumulation on the floor surface. It was found that the materials used for the coatings did not have the appropriate 
conductive parameters and approvals. 

As a solution to the existing problem, it was proposed to remove the defective paint coatings and apply new 
markings with the correct conductive materials. 
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Example 3 

The 18 cm thick floor was designed using C25/30 concrete, laid on a 10 cm thick substructure of C8/10 class 
concrete. The design documentation specified the implementation of an anti-electrostatic concrete floor with a 
hardening layer in the form of a DST hardening dry sprinkle. 

Due to an error in the preparation of the concrete mix, defects appeared across the entire surface of the 
~3000 m² floor, including numerous superficial and cross scratches and detachment of the top hardening layer. 
Although the compressive strength of the concrete met the average required results, there were samples where the 
minimum strength was not achieved. Pull-off adhesion tests showed that the peel strength in the series of tests did 
not exceed 1.0 MPa, with the required value being 1.5 MPa. The breakage of the samples occurred both in the 
hardened layer and in the subsurface concrete layer of the floor slab. This situation rendered the floor unfit for 
acceptance and operation, completely compromising its anti-electrostatic properties. 

As a solution to the existing problem, it was proposed to remove the degraded surface layers and conduct 
further diagnostics to assess the strength and operating parameters of the construction plate. Given the deadlines 
for putting the facility into operation, it was decided to saturate the concrete base with deep penetration resin, and 
then apply the top finishing layers in the form of resin. 

5. Conclusions 

A properly selected antistatic floor is an important element of any system designed to protect against static 
electricity. The input data for designing antistatic protection should include an analysis of the technology and 
conditions of the production process, assessment of the electrification capacity of the media involved in the 
production process, consideration of the materials from which the apparatus and technological devices are made, 
identification of the locations where electrostatic charges are likely to form, possible measurement results of the 
degree of material electrification and electrostatic field strength in the production installations, and determination 
of current or expected disturbances. 

The most popular floors, whose technological solutions enable their use for protection against static 
electricity, include concrete floors with a wear layer in the form of ESD floor coverings, synthetic epoxy resins, 
and hardened top surfaces with DST dry sprinkle. 

In the case of DST floors, the most common design errors include the omission of important technological 
aspects and differences between standard DST solutions and anti-electrostatic DST systems. The most common 
execution errors include improper preparation of the substrate, primer, and foundation, incorrectly designed 
concrete mix recipes, and inadequate floor care. 
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1. Introduction 

The subject of this chapter is a reinforced concrete composite floor with a thickness of 0.28 m, serving as an 
intermediate building partition in a two-story production building with dimensions of 55 × 64 m (see Fig. 1). The 
floor is designed as a flat slab supported by columns with a cross section of 0.40 × 0.40 m and external walls with 
a thickness of 0.24 m, made of silicate blocks. The building features an almost regular grid of columns with an 
axial spacing of 6.0 / 7.7 m × 8.0 m. There is a construction joint in the building. 

During the structure inspection, numerous cracks were found on the upper surface of the ceiling. These cracks, 
with a width of 0.3 to 0.4 mm, occurred mainly near the columns and within the span parts of the ceiling, where 
their width was up to 1.5 mm. The location of cracks in the span parts coincided with the anti-shrinkage 
reinforcement, which has a mesh size of 15 × 15 cm. Based on the recommendations of experts, who conducted 
technical inspections of the facility, most of the cracks were injected with resin. 

2. Description of the problem 

As a result of the performed inspections, the owner of the facility became concerned about the revealed cracks, 
despite the lack of the total design load. After about 9 years of facility operation, the authors were asked to evaluate 
the situation. Until then, the floor slab was only slightly loaded, with a surface load not exceeding 1 kN/m², and 
part of the ceiling was without any external loading. The design assumed a live load of 5 kN/m² and, additionally, 
the weight of a flooring with a thickness of 10 cm. 

While analyzing the investment process documents, significant changes were found in the detailed design 
compared to the construction design. The construction design provided for a flat monolithic ceiling with a thickness 
of 0.35 m. During the construction stage, the ceiling was changed to a composite "filigree" type with a total 
thickness of 0.28 m. The monolithic concrete overlay was designed using C25/30 concrete, except for small parts 
hatched in Fig. 1, which were designed with C35/45 concrete. The design specified a nominal cover of the 
reinforcement equal to 2.5 cm (from the bottom) and 2.0 cm (from the top). Concrete cores taken from the structure 
showed the actual position of the top reinforcement in the floor slab, as shown in Fig. 2. It was found that the cover 
of the top reinforcement was exceeded by up to four times. 

According to the principles of the PN-B-03264:2002 code [1], the punching reinforcement "should consist of 
vertical or diagonal stirrups, closed or otherwise well anchored at both surfaces of the slab." According to the 
design documentation, the ceiling's reinforcement consisted of C-shaped filigree inserts, made of Ø12 or Ø14 bars, 
embedded in the slab. The detailed drawings do not contain any cross-sections through the prefabricated slabs. In 
the described situation, the authors suspect that the transverse reinforcement may not be adequately anchored in 
both the tension and compression zones. 
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Fig. 1. Floor plan (hatched areas are designed of C35/45 concrete, the rest of C25/30) 

  

Fig. 2. View of the cores and cut main bars of the top reinforcement 

3. Assessment of load-carrying capacity and design of strengthening 

The checking calculations were made, adopting the assumptions made by the original designers of the 
structure, but including the actual location of the main reinforcement determined through tests (cores and scans). 
This resulted in a reduction of the effective depth in the support zones by more than 25%. 

The ABC Płyta software was used for the design calculations. A computational model was prepared, taking 
into account the division into precast filigree elements. The reinforcement was calculated with respect to the 
ultimate limit state (ULS) as well as the serviceability limit state (SLS). Deficiencies in reinforcement were found 
across the entire surface of the floor, ranging from 2% to about 30% for bottom reinforcement, and even over 60% 
with respect to top reinforcement. The average deficit of top reinforcement in the support zones was 25% and 20% 
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in the x and y directions, respectively. Due to the significant identified deficits in load-carrying capacity, it was 
necessary to determine the safety of further use of the floor. 

An additional analysis was carried out, taking into account the actual loads, which were about 60% of the 
loads assumed in the structural design. With these assumptions, the flexural reinforcement turned out to be 
sufficient with respect to ULS and SLS. 

The downward shift of the reinforcement led to a reduction in the effective depth, which significantly 
influenced the results of calculations related to the punching shear resistance. At the designed loads, the deficit of 
the punching shear resistance was at the level of about 70% to 170% (see Fig. 3). The analysis carried out under 
the assumption of the actual loads acting on the slab showed a lower deficit, reaching a maximum of 40%. 

 

Fig. 3. Comparison between shear stress and punching shear resistance for design loads 

Considering the technological and functional premises (the owner rejected the possibility of temporary 
exclusion from use), strengthening from the bottom was excluded. Analyses were conducted to determine the 
maximum permissible live load, assuming that strengthening could only be performed from the top in selected 
support zones. Strengthening in the form of external reinforcement consisting of steel flat bars was designed. The 
effectiveness of strengthening for punching shear with this type of reinforcement has been previously demonstrated 
[1, 2]. The use of CFRP strips was also considered as an alternative, but practical reasons argued against this 
solution. 

Calculations of the punching shear resistance were performed using two methods: the Urban approach [1] 
and the principles of Eurocode 2. Both methods included the increase in the longitudinal reinforcement ratio and 
the effective depth resulting from the use of the steel flat bars. 

It was planned to install additional reinforcement as close to the columns as possible, considering the openings 
in the floor slab. All of the flat bars were perforated with twice as many holes as the number of anchor bolts. The 
decision to increase the perforation was due to concerns about the possibility of correctly installing the anchor 
bolts in all intended locations. Due to the high density of reinforcement in the support zone and the potential for 
assembly deviations, it was necessary to anticipate the possibility of encountering a reinforcing bar. In such cases, 
drilling had to be stopped and the adjacent hole in the flat bar used for anchoring. 

 

Fig. 4. View of the support zone strengthened with steel flat bars 

To verify the technical feasibility of the designed solution, a trial strengthening of two support zones was 
conducted (see Fig. 4). The work, carried out over three days, was divided into stages, including: preparation of 
the floor surface by removing bleed water, cleaning, and degreasing the glued surfaces; gluing the first layer of 
flat bars to the concrete; pressing the flat bars with weights during adhesive setting (24 hours); drilling holes in the 

0,00

1,00

2,00

3,00

G
/2

G
/4

G
/6

G
/8 I/
2

I/
4

I/
6

I/
8

J/
2

J/
4

J/
6

J/
8

M
/2

M
/4

M
/6

M
/8

N
/2

N
/4

N
/6

N
/8

O
/2

O
/4

O
/6

O
/8

τSd/τRd [-]



158 

slab and installing screws; gluing the second layer of flat bars; drilling holes and installing new anchors; tightening 
the nuts and shortening excessively protruding screws. 

Based on the experience from the trial strengthening, the owner of the facility decided to strengthen the ceiling 
in stages, depending on current needs. Office and technical areas are planned to be formed on the floor. To ensure 
an even surface in the offices, it was proposed to build a raised (technical) floor, supported on the existing ceiling. 

4. Summary 

The presented example demonstrated how far-reaching effects can result from the imprecise preparation of 
design documentation and insufficient supervision combined with execution errors during the construction stage. 
These errors led to a significant reduction in the flexural and punching shear resistance of the floor slab. 

A strengthening method was proposed, consisting of increasing the longitudinal reinforcement by means of 
steel flat bars. The effectiveness of this solution has been confirmed in previous experimental investigations. The 
main advantage lies in the possibility of flexible selection of the cross-section of flat bars, and the fact that the 
work is limited only to the top surface of the ceiling. In the described case, it allowed for the avoidance of costly 
interference with the production carried out on the lower floor of the building. 

The trial confirmed the technical feasibility of efficiently implementing the proposed strengthening method. 
Ensuring appropriate anchoring required increasing the perforation of the flat bars due to collisions with the 
existing reinforcement encountered during drilling, which necessitated additional holes in the floor slab. 
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1. Introduction 

The first concrete pavement was laid in 1888 in Wroclaw. Many roads with surfaces from the 1930s-1960s 
are still in use today. At the beginning of the 21st century, there was a renewed interest in the construction of rigid 
pavements. Concrete pavements are increasingly being constructed in Poland, not only on national roads but also 
on communal and internal roads. Properly constructed concrete pavement is characterized by resistance to 
deformation and intensive traffic, which usually allows for longer use than initially assumed during 
the design stage. 

Due to their constant exposure to degrading factors, concrete pavements are very sensitive to mistakes made 
during the design and construction phases. Each failure reduces durability and deteriorates traffic safety conditions. 
The risk of errors and their consequences, can be significantly reduced by contracting a road construction company 
experienced in concrete pavements. Despite careful design and construction, damage may occur during the 
operational phase. Maintenance measures, such as the replacement of expansion joint seals, are essential during 
this phase. The main causes of damage during operation include changing water conditions, increased traffic 
volume, and unforeseen factors such as high temperatures from a vehicle fire on the roadway. 

Surface damage can be repaired or leveled by surface methods, depending on the scale and extent of the 
damage. By using suitable repair materials with good adhesion, low shrinkage, and adequate strength, it is possible 
to extend the service life by several years. Issues such as lack of roughness in concrete pavements can be addressed 
by sandblasting, shotblasting, grinding with water or diamond discs, and grooving with diamond discs. For slab 
keystoning, cement grout injections or dowelling can be performed. Structural damage may necessitate the 
complete replacement of the slab or the entire surface. 

A private investor, attracted by the advantages of concrete pavement, decided to build internal roads with a 
rigid surface. The road renovation was contracted to a construction company, which carried out the work in June 
and July. The scope of work was relatively small, consisting of a new surface layer using the existing structure as 
a sub-base. The renovation involved two road sections with a total length of 223 m and a total surface area of 
1039 m². The performed pavements were divided into slabs with joints filled with a pouring compound. These 
internal roads provide access to multi-family buildings and service and commercial facilities located nearby. 

After a few weeks, the developer noticed numerous damages to the pavement. In December, it was decided 
to take samples and carry out destructive tests. It should be noted that the pavement had not yet been subjected to 
winter conditions. Tests carried out in section 1 by Laboratorium Budowlane Sp. z o.o. in Zielona Góra, after about 
6 months of pavement usage, showed that the compressive strength of concrete was 5.2 MPa. Additionally, large 
air voids were found in the concrete, resulting from insufficient compaction of the layer. 

The next control tests were carried out after more than 1.5 years of use. In section 1, the compressive strength 
of the pavement was only 3.5 MPa, while in section 2, it was recorded at 5.3 MPa. It is worth noting that in 
section 1, there were places where the level of degradation made it impossible to perform the tests. 

Concrete pavement should increase its strength over time, but in this case, the opposite happened. After one 
year of use, a decrease of 32% in the compressive strength of the concrete was recorded. 

During the field inspection, a preliminary visual assessment of the technical condition of the road surface was 
made. Numerous defects were found, mainly in the first section, significantly reducing the usable value of the 
road. However, the second section was not without execution defects either. 

Acoustic tests showed incomplete support of the pavement slabs, which resulted in pressing of the pavement.  
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During the on-site inspection of section 1 the following pavement defects were found: 

 lack of continuity of support of the surface layer; 
 occurrence of localised areas with no drainage; 
 deterioration of the pavement texture; 
 transverse and diagonal cracks; 
 irregular shapes of technological connections of the pavement. 
 significant losses of the pavement up to the steel mesh laid on the substructure before the new surface 

layer was made; 
 irregular shapes of technological connections of the pavement. 

The view of selected pavement damages of section 1 is presented in Figures 1a-d. 

  
a) b) 

  
c) d) 

Fig. 1. Pavement damage: a) pavement degradation, b) damaged to pavement texture, c) exposed steel mesh, d) 6 cm 
undersized manhole cover 

Section 2 exhibited similar damage, but with lesser intensity. The better condition of this section was due to 
negligible vehicle traffic, as it was a no-passing road with a parking ban. 

Cracks in the concrete slabs were caused by insufficient concrete strength, improper composition of the 
concrete mixture, errors in the execution of joints, defects in the pavement construction, and improper care of the 
concrete during the setting and hardening process. 

The surface layer did not meet the basic requirements for improved hard pavement, such as evenness and 
dustlessness. The resulting defects reduced the aesthetics and usable value of the pavement, road safety, and its 
service life. Based on the test results, progressive degradation of the concrete pavement of the analyzed roads was 
observed. Continued operation was unsafe due to protruding bars, necessitating a remedial action program. 

Due to the fundamental problem of low compressive strength of the concrete and its decline over time, it was 
not possible to reinforce the existing pavements with surface measures. It was proposed to replace the concrete 
surface layer. For technological reasons, an alternative solution of paving with concrete cobblestones was also 
accepted. This solution limits the execution time and the need for extensive equipment mobilization. 

Ultimately, the alternative proposed was implemented and the view before and after pavement repair is shown 
in Figure 2a and b. 
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a) b) 

Fig. 2a) view of the damaged concrete pavement, b) pavement after the repair 

National experience in the implementation of rigid pavements has made it possible to popularize this type of 
solution in the Polish road construction industry. Unfortunately, the requirements of this technology are not always 
observed in engineering practice, and concrete pavements are very sensitive to deviations from these requirements. 
The reasons for this situation may include the pressure of realization deadlines or a desire to limit costs. However, 
it is important to remember the responsibility that rests on individuals performing independent technical functions 
in construction. As a civil engineer exercising a profession of public trust, one is obliged to exercise due diligence 
in carrying out construction works in accordance with technical knowledge. Numerous workmanship errors led to 
the concrete pavement being in such a state that it was difficult to determine whether it was a pavement or a dirt 
road. A lack of experience cannot always be compensated for by ambition and diligence. 

The implementation of the concrete pavement has resulted in unnecessary losses in various areas. Financial 
costs were incurred without achieving the intended effect. Socially, the local community was exposed to prolonged 
construction works. There were also image costs concerning the industry and the pavement technology. 

Based on the case presented, two main conclusions can be drawn 

 The contractor must comply with the requirements of the cement concrete pavement technology, 
otherwise it increases the risk of incurring additional costs resulting from the implementation of the repair 
works programme. 

 The developer should commission people with relevant experience to supervise and manage the works. 
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1. DFOS measurements - introduction 

Safety-critical structures, especially innovative bridges, are nowadays equipped with systems enabling data 
acquisition on their technical condition over time. Based on the information provided by monitoring, decisions are 
often made directly related to structural safety (e.g., renovation, strengthening, traffic restriction, 
decommissioning). Therefore, it is reasonable to seek newer and better diagnostic tools (measurement techniques, 
sensors, recorders) that provide more helpful information. Work in this field is carried out worldwide, both in 
scientific and commercial units. 

Distributed fibre optic sensing (DFOS) is one of the most promising technologies [1] as it allows for the direct 
detection of local events or damages like cracks in concrete or yielding areas within steel. This is impossible with 
conventional spot gauges located only at selected points of the structure. The DFOS-based system consists of a 
data logger and sensors, which are the most important components. Once installed within the structure, they should 
operate over the years. Therefore, particular attention should be paid to their strength, flexibility, and elastic 
operation range. Their design and installation method must provide a reliable strain transfer mechanism for the 
correct structural condition assessment. 

This article describes the successful application of the DFOS-based measurement system within the famous 
steel Polish University Bridge in Bydgoszcz. The optical data logger based on Rayleigh scattering [2] was used, 
enabling an extremely high spatial resolution equal to 5 mm (200 measurement points per meter of the sensor). 
Thanks to the unique capabilities of distributed fibre optic sensing, a significant increase in its application has been 
observed over the last few years, both in laboratory and in situ applications. 

2. Example applications in bridge engineering 

More than 10 bridges in Poland are equipped with distributed fibre optic sensors. This section provides a brief 
overview to better understand their possible applications and benefits.  

The first example is related to a new structure where composite and monolithic strain sensors, called 
EpsilonRebars [3], were installed over the deck length (80 m) of the footbridge in Nowy Sącz [4]. It is worth noting 
that the entire reinforcement was done as a composite (Fig. 1a). EpsilonRebars serve a dual function: both 
reinforcing and sensing simultaneously. Based on the data from 12 sensors, it is possible to analyze strains, cracks, 
displacements, stress, and temperatures. 

Fig. 1b shows one of the largest concrete bridges in Poland: the Rędziński Bridge in Wrocław. Due to cracks 
in the horizontal beam of the pylon, EpsilonRebars were installed inside near-to-surface grooves at each corner of 
the beam. Both short- and long-term measurements allowed for detecting and precisely analyzing crack width 
changes over time. 
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a) 

 

b) 

Fig. 1. a) Footbridge with composite reinforcement and DFOS sensors [4]; b) one of the largest concrete bridges in Poland 
with distributed fibre optic strain sensors in the pylons’ beam 

Another project was conducted on an existing steel bridge in Przemyśl, Poland (Fig. 2a). Measurement DFOS 
fibers were glued to the steel girders using two-component epoxy. The analysis focused particularly on the 
anchorage zone and local effects influencing the strain profiles within this area. 

Example results over a 20 m section (Fig. 2b) indicate that the maximum strain values in the girder, caused 
by the anchorage, are much greater than those registered in the pure area between the anchorages. This localized 
strain information is crucial for understanding the structural behavior and integrity of the bridge under various 
loading conditions. 

a) 
 

b) 

Fig. 2. „Brama Przemyska” Bridge: a) general view and close-up to the anchorages; b) example results 

3. University Bridge in Bydgoszcz and example DFOS results 

The University Bridge in Bydgoszcz is one of the most famous bridges in Poland, mainly due to its unusual 
geometry (Fig. 4b). The pylon consists of two intersecting parts in the shape of Greek capital letters: alpha (Α) and 
omega (Ω). The steel deck is suspended using 16 multi-strand steel cables. The bridge was placed in service in 
2014; however, after only 7 years of operation, it experienced a failure. A technical inspection identified permanent 
(plastic) deformation of the steel plates within the cable anchorages. This caused the bridge to be taken out of 
service, sparking widespread discussion in the scientific and engineering community. Eventually, a strengthening 
solution for the anchorage zones was designed, which involved relieving the cables, welding additional structural 
plates, and re-stressing the cables. The strengthening was performed by Kormost S.A. 

Measurement fibres with a 250 µm diameter were installed within the anchorages before the cable relieving 
and annealing. Spatial numerical simulations determined the detailed route. The setup consisted of two sections, 
each 50 cm long (Fig. 3a). Considering the loop connecting the two sections, the length of the optical fibre at each 
anchorage was 115 cm. This setup provided 3680 measurement points on 16 anchorages (with a spatial resolution 
of 5 mm). An important aspect was ensuring the correct strain transfer mechanism through appropriate installation. 
The sensors were bonded directly to a clean and degreased steel surface (Fig. 3b) after removing the protective 
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coatings, which were restored after installation. A two-component epoxy resin with verified flexibility was used 
to utilize the entire strain range of the optical fibre, allowing for correct measurements even in the plastic range. 

a) b) 

Fig. 3. Measurement sections formed using DFOS optical fibres: a) scheme; b) actual view 

Measurements were performed in periodic sessions. The zero (reference) readings were taken before relieving 
the cables, and the next session was conducted after relieving. Therefore, the obtained strain (stress) results should 
be treated as increments rather than absolute values. Temperature measurements using a pyrometer were done to 
compensate for the strain results. 

For clarity, the measurement results are presented for the top sections only, for all anchorages. The calculated 
stress (based on compensated strains and according to Hooke’s law) is shown in Fig. 4a. A significant increase in 
tensile stress was observed on some anchorages (mainly the external ones), while the values were close to zero on 
the remaining ones. The unique measurement data allowed for identifying the most stressed zones within the 
anchorage (local analysis) and the most stressed anchorages within the bridge (global analysis). To facilitate 
graphical interpretation, the maximum stress values recorded in each anchorage are presented in a spatial 
visualization (Fig. 4a). The red color indicates the cables at which significant deformations were observed at 
the anchorages. 

a) 
b) 

Rys. 4. Example stress results: a) distributions over the length of the top section;  
b) spatial visualisation with maximum stress values [MPa] 

4. Summary 

The extraordinary capabilities of DFOS technology have led to a significant increase in its applications in 
recent years, not only in laboratories but primarily within actual engineering structures [5], including bridges. The 
extensive strain range of fiber optic sensors enables their safe operation and correct measurements even in cases 
of extremely large strains caused, for example, by steel yielding. This paper presents an example of a successful 
application within the University Bridge in Bydgoszcz, Poland. Despite the system involving only 115 cm long 
measuring routes, the total number of measuring points amounted to 3680 (including 16 anchorages and 5 mm 
spatial resolution). Installing such a large number of conventional spot gauges is neither technically possible nor 
economically justified. 
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Due to the negligible cost of DFOS sensors relative to the cost of the structure itself or its potential failure, it 
is recommended to install them on all safety-critical structures (including bridges, stadiums, industrial facilities, 
gas pipelines, earth embankments, and others). The system, analogous to the human nervous system, can inform 
about all potential threats regardless of their location. Moreover, the optical infrastructure integrated with the 
structure will be ready for future use, regardless of the direction of the development of DFOS-based techniques 
and optical data loggers. 
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Abstract: The University Bridge was closed 7 years after construction. The reason was the design fault revealed in the 2020 inspection, 
confirmed by theoretical load capacity analyses. The high risk of a construction disaster was the main reason for closing the crossing. 
In 2021, following the recommendation and expert concept, critical elements of the bridge structure were strengthened. In January 
2022, the bridge was brought back into service. Despite the successful completion of the repair process, the taken discussion about the 
measures has not been completed. Opinions and studies have appeared that contest the closure of the bridge to traffic and propose a 
different scenario. The paper presents the issues of the load-bearing capacity assessment of the University Bridge in Bydgoszcz. 
Conclusions from the carried out work have been included. Additionally, new analyses of the load-bearing capacity of the overloaded 
steel nodes of the cable anchoring in the deck are presented. 

Keywords: cable-stayed bridge, steel structure, load-bearing capacity, safety, FEM analysis, tests 

1. Superstructure of the bridge 

The University Route is a key element of the communication system of the city of Bydgoszcz (Fig. 1,2). 

 

Fig. 1. University Bridge in Bydgoszcz (source: Gotowski.pl) 

  

Fig. 2. University Bridge - suspended part, side view and cross-section [1] 

The designer of the route is Transprojekt Gdański [1], and the contractor is a consortium of companies Mosty 
Łódź SA and Gotowski Sp. z o.o. The construction process was supported by an advisory consulting team [2]. 
Before opening, the bridge underwent a load test process [3,4]. The route was opened on November 30, 2013. The 
static scheme of the bridge is a continuous beam suspended to a pylon with spans of 110 + 90 m (Fig. 2). 
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2. Inspection 

In July 2020, at the request of the bridge administrator, measurements of the forces in the suspension lines of 
the University Bridge were carried out [4]. The tests were performed using the vibration method. Additionally, the 
bridge administrator requested an assessment of the cables and suspension anchors. During the inspection, 
significant deformations of the plates in the anchorage structure were observed (Fig. 3). 

 

Fig. 3. Examples of deformed plates of cable anchorages and signs of overload 

The preliminary estimated values of deformation indicated significant plasticization of the steel in the 
anchors. Signs of the steel plasticity were noted as a striped structure on paint coatings (Fig. 3). 

3. Numerical analysis of the load capacity 

As part of the theoretical analysis [5, 6], a global FEM model of the bridge structure was developed. The next 
step involved creating detailed models of the anchor details. These models were constructed entirely as shell 
models, using the QUAD 4 element in the SOFiSTiK FEM environment (Fig. 4). 

 

Fig. 4. FEM model of the anchorage with a typical boundary conditions system, material law no. 1 and no. 2 applied 
in the analyses 

 

Fig. 5. Result of the nonlinear computation (left side) and material low no. 3 (right side) 

Fig. 5 presents a summary of the nonlinear analyses of the element capacity. Material law no. 1 was used for 
the engineering analysis, limited by the maximum strain value of 5%. Law no. 2 was defined based on experimental 
research [7] (law no. 3) and used to analyze the full range of strain. The diagram (Fig. 5–law no. 3) shows the 
result of the uniaxial tension test. The vertical lines indicate strain values at the characteristic load levels of the 
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structure. The analysis shows that under the characteristic dead load (Char. DL), the material reaches full plasticity, 
and the strain in steel exceeds approximately 10%. Similar results were obtained in [8, 9]. However, the authors 
of these works presented a different opinion on the safety of the structure, considering the closure of the bridge as 
an unjustified action. 

Additional proof of the validity of the decision to close the bridge may be the analysis of the variability of the 
force in the critical suspension cable, which is influenced by daily temperature changes. 

 

Fig. 6. Annual histogram of the daily force variation in the suspension cable and variation of the force in the only one strand 
of the critical suspension cable 

Fig. 6 shows the distribution of daily force changes in the cable based on the SHM (Structural Health 
Monitoring) system installed on the bridge. This phenomenon contributes to the problem of low-cycle fatigue 
strength, with a constant strain of 10% and the one-year load variation presented in Fig. 6. 

4. Conclusions 

In the case of the University Bridge, the decision to close traffic was made based on theoretically advanced, 
yet practical engineering analyses. Further research of a scientific nature, presented in [6,8,9] and in this paper, 
despite significant differences in result interpretation, in the authors' opinion, confirm the correctness of the 
decision. Ultimately, everything was conducted according to the prepared scenario. The bridge was closed to 
traffic, secured, and repaired according to the expert concept [10,11]. After a one-year break, during which the 
structure was strengthened, the University Bridge in Bydgoszcz was reopened following a positive load test on 
January 26, 2022. 
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